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ABSTRACT 

This report presents the second half of the discussion of a mixed experimental-computational 
study that aimed at investigating the structural and seismic behavior of integral bent caps in 
reinforced concrete (RC) box-girder bridges. The main objective of the study was to accurately 
estimate the contributions of the deck and soffit slabs framing into the bent cap in as-built and 
retrofitted RC bridge systems under the combined effect of vertical and lateral loading. In 
particular, the study estimated the effective flange width of the bent cap beam due to the box-
girder slabs contributions for more accurate and effective consideration of the stiffness and 
capacity of a bent cap. Computational and experimental methods were utilized to investigate the 
problem at hand. The finite element (FE) computational part of the study consisted of two 
phases: pre-test and post-test analyses. The experimental program involved testing two 1/4-scale 
column-bent cap beam-box-girder sub-assemblies using quasi-static and hybrid simulation (HS) 
testing methods. This report presents the results of HS tests conducted on the second specimen 
and post-test analysis, which involved calibration of the FE model of the specimen and extended 
parametric studies at the specimen and full prototype bridge levels. The pre-test analysis phase 
and the first part of the experimental program that involved cyclic loading testing of the first 
specimen are discussed in the companion report (Part I of the companion report). 

To conduct the HS tests, this study developed a new practical approach that utilized 
readily available laboratory data acquisition system as a middleware for feasible HS 
communication. The proper communication among the HS components and verification of the 
HS system were first performed using tests conducted on standalone hydraulic actuators. A full-
specimen HS trial test was conducted using the previously tested repaired specimen to validate 
the entire HS system. A retrofit scheme was adopted for the second specimen that used a carbon 
fiber reinforced polymer (CFRP) column jacket before any HS testing was begun to study the 
behavior of the bent cap at higher moment demands into its inelastic range of structural response. 
The retrofitted second specimen was then tested using multi-degree-of-freedom HS under 
constant gravity load using several scales of unidirectional and bi-directional near-fault ground 
motions. The post-test analysis was the final stage of this study. The results from the as-built 
first-specimen cyclic tests were used to calibrate the most detailed three-dimensional FE model, 
which was previously developed as part of the pre-test analysis stage. The calibrated model was 
used to explore the effect of reducing the bent cap reinforcement on the overall system behavior 
and to investigate the box-girder contribution at higher levels of bent cap seismic demand. Based 
on the computational and experimental results obtained at the specimen level, the effective slab 
width for integral bent caps was revisited. The study concluded that the slab reinforcement 
within an effective width, especially in tension, should be included for accurate bent cap capacity 
estimation. An illustrative design example to investigate the design implications of the revised 
effective slab width and bent cap capacity estimation on the optimization of the bent cap design 
for a prototype bridge is presented. To optimize the box-girder geometry for the most efficient 
slabs contribution to the bent cap structural behavior, another parametric study was conducted of 
the entire bridge level to investigate the effect of the box-girder geometry on the slab 
contributions and the bent cap effective width. 
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1 Introduction 

This companion report complements the pre-test finite element (FE) analysis and the first phase 
of the experimental program discussed in Part I, and presents the second phase of the 
experimental program and the post-test FE analysis. The second phase of the experiments 
involved hybrid simulation (HS) system development, verification, and application of the 
developed system to conduct the retrofitted Specimen No. 2 HS tests. The post-test FE analysis 
involved the specimen model calibration against the experimental results and parametric studies 
at both of the specimen and full prototype bridge levels. A brief summary of the problem 
statement, and the experimental and computational programs adopted for this study is presented 
in this introduction, but the reader is referred to Part I of this report for more details. The 
organization of this report is also presented. 

1.1 PROBLEM STATEMENT AND OBJECTIVES 

The motivation of this study and the mechanics of the sought framework were inspired by 
previous research studies that were carried out to quantify the effective width and moment 
capacity of floor beams that are monolithically integrated with the floor slabs in buildings. The 
undertaken study attempted to answer the following question: how should accurate estimation of 
the stiffness and capacity of a bent cap be assessed considering the contributions of the deck and 
soffit slabs framing into the bent cap in reinforced concrete (RC) box-girder bridge systems 
under the combined effect of vertical and lateral loading? Alternatively, the problem statement 
can be stated as: what is the accurate estimate of the effective flange width of the bent cap beam 
due to the box-girder slabs contributions? Three overall research objectives further clarify the 
general problem statement. These are: (1) to investigate the behavior of bridge column-
superstructure systems in light of the most recent AASHTO [2007] and Caltrans Seismic Design 
Criteria (SDC) [2013] provisions; (2) to investigate the system, particularly the integral cap 
beam, in different scenarios of as-built, repaired, and retrofitted bridge columns; and (3) to 
determine what are the possible design implications and code recommendations, if any, dictated 
by accurate estimate of cap beam effective flange width and capacity calculation. 

1.2 EXPERIMENTAL AND COMPUTATIONAL FRAMEWORKS 

A mix of computational and experimental methods was utilized to achieve the defined research 
objectives. The experimental program at the core of this research study was undertaken to 
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provide conclusive observations about the contribution of box-girder slabs to the bent cap beam 
behavior that served as the underlying foundation for the computational model calibration and 
extended parametric study. The experimental program composed of two identical 1/4-scale sub-
assembly specimens were tested using two different lateral loading schemes. Specimen No. 1 
was tested under quasi-static cyclic lateral loading in as-built and repaired conditions, as 
discussed in details in Part I of this report. Specimen No. 2 was retrofitted and tested using HS, 
which utilized an online computational model subjected to selected earthquake excitation that 
interacted with the physically tested specimen. A similar test set-up was used for all Specimen 
No. 1 and Specimen No. 2 tests, which involved testing the 1/4-scale sub-assembly in an inverted 
position. This set-up was chosen for practical reasons and for its feasibility to easily apply the 
combined gravity and the lateral loads at the column tip in its inverted position. A practical HS 
system was developed in this study, and the repaired Specimen No. 1 was utilized to provide a 
real HS test trial to verify the new HS development. The verified HS system was used afterwards 
to test the retrofitted Specimen No. 2. Details of the HS development and Specimen No. 2 HS 
tests are the essence of the experimental program presented in this companion report. 

The computational framework adopted in this study complemented the experimental 
program, resulting in comprehensive design implications and conclusions. This framework 
comprises two broad phases: the pre-test analysis phase, which is discussed in Part I report, and 
the post-test analysis phase, which is presented herein. All the computational work was based on 
the FE analysis method. Several linear and nonlinear one-, two-, and three-dimensional (1D, 2D, 
and 3D) models were utilized to conduct the pre-test analysis before the experimental test 
specimens were built or the test set-up was assembled; see the Part I report. The post-test 
analysis used some of the pre-test analysis models to calibrate them against the experimental 
results; additional analysis and a parametric study was conducted at the specimen level to 
complement the experimental work. Moreover, extensions to prototype bridge models and a 
parametric study at the full-bridge level were conducted to investigate the effect of box-girder 
geometry on the bent cap behavior. 

1.3 ORGANIZATION OF THE REPORT 

This companion report consists of six chapters. Chapter 1 presents a brief review of the problem 
statement, methodology, and main objectives of the undertaken study. Chapter 2 presents the HS 
background, the developed HS system components, and the verification tests in detail. This 
chapter presents the HS trial tests that were conducted on the repaired Specimen No. 1 as well. 
The main test results and discussion of the retrofitted Specimen No. 2 that focused on the bent 
cap beam behavior and effective slab width are presented in Chapter 3. The second phase of the 
computational framework, which is the post-test analysis, is discussed in Chapters 4 and 5. 
Chapter 4 is concerned with the specimen FE model calibration and parametric study. Also 
included in Chapter 4 are the design implications based on the outcome of this study are 
investigated through an illustrative design example for a prototype bridge bent cap. Another 
parametric study that focused on the effect of the box-girder geometry on the bent cap effective 
width and slab contribution at the full-bridge level was conducted and presented in Chapter 5. A 
brief summary of the entire study, and the main conclusions and future work based on the full 
study are presented in Chapter 6. The concluding remarks are comprehensive, including results, 
analysis, and conclusions from both Parts 1 and 2. 
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2 Hybrid Simulation: Development and 
Verification 

Hybrid simulation (HS) is a mixed computational/physical testing technique that can replace 
shaking table tests. The essence of HS is to use an online computational substructure to update 
the earthquake input signal at each time step based on the force feedback from the physical 
substructure. A complementary objective of this study was to develop a practical HS system that 
utilizes readily available laboratory data acquisition systems along with inexpensive TCP/IP-
Ethernet connections to establish the communication between the physical and computational 
substructures. The main development in this study is the Pacific Instruments (PI) interface to 
communicate with the Open-source Framework for Experimental Set-up and Control 
(OpenFresco) [Schellenberg et al 2008] from the computational side, through an inexpensive 
Ethernet connection to replace expensive shared memory communication cards such as 
SCRAMNet, and the digital signal processor (DSP) card from the experimental side to control 
the laboratory hardware and receive the physical substructure feedback. Another development is 
the implementation of a new test set-up component in OpenFresco that is capable of performing 
geometric transformations between the global degrees-of-freedom (DOFs) in the computational 
model and the actuators’ local DOFs for the command displacements and force feedbacks. A set 
of verification tests were conducted that used single and double actuators that were not attached 
to any specimens. To validate the whole system, a complete HS test was conducted using 
repaired Specimen No. 1. A brief background of HS, the main components and developments of 
the HS system, and verification tests are presented in this chapter. The successfully validated HS 
system was utilized for conducting the retrofitted Specimen No. 2 HS tests, as discussed in the 
Chapter 3. 

2.1 BACKGROUND 

Hybrid simulation was first mentioned by Takanashi et al. [1975], who referred to the testing 
method as an “online test.” The next decade saw significant development efforts in the U.S. that 
included the research at the University of California, Berkeley (UCB) [Mahin and Williams 
1980; Mahin and Shing 1985; and Mahin et al. 1989], and in Japan [Takahashi and Nakashima 
1987; Nakashima et al. 1988]. Previous research on HS investigated different areas included, but 
were not limited to (1) the development of suitable integration methods; (2) the study of the 
effect of experimental errors; and (3) real-time HS. The following subsections briefly discuss 
basic procedures in HS, including numerical integration methods, errors in HS, real-time HS, and 
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a brief summary of a relevant HS bridge test. Note that targeted HS tests were slow tests, but a 
very brief discussion of the real-time HS is provided for completeness. 

2.1.1 Integration Methods 

A wide spectrum of numerical integration methods, such as Newmark’s methods [1959], 
generalized-alpha methods, predictor-corrector methods, and Runge-Kutta methods, exist for 
solving the governing equations of motion, which are discretized in time domain for different 
structural dynamics problems. Not all of the numerical integration methods can be used directly 
for solving the equations of motion in HS testing. Thus, one of the main areas of HS-related 
research is concerned with adopting and/or modifying the existing integration methods, or 
developing new specialized integration methods for HS purposes. A brief background on 
integration methods and some of the relevant previous work is presented. The most common 
classification of numerical integration methods and algorithms is explicit versus implicit 
methods. Only an explicit integration scheme was utilized for all the tests in this study, but a 
brief comparison with the implicit scheme is presented for completeness. Selected previous 
studies that used explicit methods are Takanashi et al. [1975], Mahin and Williams [1980], 
Nakashima and Masaoka [1999] and Magonette [2001]. On the other and, implicit schemes were 
developed and used in HS in several studies [e.g. Dermitzakis and Mahin 1985; Thewalt and 
Mahin 1987; Nakashima et al. 1990; Shing et al. 1991; Bayer et al. 2005]. The reader is referred 
to Schellenberg et al. [2009] for a comprehensive review of HS integration methods. 

2.1.1.1 Explicit Integration Methods 

For an explicit algorithm, the new solution at time step (i+1) can be expressed entirely by known 
terms such as the current solution state at time step (i) or even previous step (i-1) as in Central 
Difference Method (CDM); e.g.,  1 1 1 1, , , , ,i i i i i i iu f u u u u u u        . Explicit integration methods are 

usually conditionally stable, meaning that the integration time step (Δt) should be smaller than 
the shortest natural period of a structure (Tn) divided by a factor (α) to yield a stable and accurate 
solution (Δt ≤ Tn/α). Also the new solution for the next time step can often be determined in a 
single calculation step without the knowledge of the tangent stiffness matrix. Two well-known 
examples of explicit integration methods are CDM and the explicit Newmark method. Generally, 
the explicit Newmark method is used more often in HS than CDM for the following reasons: it 
does not require any quantities before the start time (i.e., at t = 0), the velocities and accelerations 
are directly obtained as the solution advances (there is no need to be calculated separately as in 
the CDM), and it has more favorable error-propagation characteristics as shown by Shing and 
Mahin [1983]. Explicit methods are generally advantageous because they are computationally 
very efficient, easy to implement, and fast in their execution; that said, a limiting factor for the 
application of the explicit methods is their stability criteria. Hence, they are not suitable for stiff 
problems (short periods) and cannot even be used at all for infinitely stiff problems. Although 
this limitation can be overcome by choosing smaller integration time steps, the integration time 
step might need to be reduced to an extent that the application of explicit methods to HS 
becomes impractical. Implicit methods are sought in these cases. 
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2.1.1.2 Implicit Integration Methods 

For an implicit algorithm, the solution at time step (i+1) not only depends on known quantities 
from the current and previous time steps, but also on the solution itself: 

 iiiiiii uuuuuufu  ,,,,, 1111   . Because of this, implicit algorithms contain algebraic formulas 

that need to be solved iteratively in order to determine the solution at the end of a time step. 
Many implicit integration methods are generally unconditionally stable, thus they are ideal for 
stiff and infinitely stiff problems. This also means that only the accuracy of the algorithm needs 
to be considered when determining the time step size since the method is stable for any step size. 
Generally, this permits the selection of larger analysis time steps as compared to the explicit 
methods. Implicit methods are well suited for large problems with many DOFs or for infinitely 
stiff problems, which occur in the cases with structural DOFs with no mass. However, they are 
computationally more demanding because they require iterative solution schemes, and they can 
introduce spurious loading and unloading cycles on the physical parts of the HS. A comparison 
of the features of explicit and implicit integration methods is shown in Table 2.1. 

Table 2.1 Comparison between explicit and implicit integration methods. 

Item Explicit methods Implicit methods 

Required input  1111 ,,,,,   iiiiiii uuuuuufu 
 

 iiiiiii uuuuuufu  ,,,,, 1111  
 

Iterations not required Required 

Tangential 
stiffness 

not required required at each time step 

Stability conditionally stable: Δt ≤ Tn/α generally unconditionally stable 

Computational 
cost 

easy to implement, and computationally 
efficient 

harder to implement, and computationally 
expensive due to iterative schemes 

Execution time generally faster generally slower because of iterations 

When to use 

 When only physical specimen is 
tested, and analytical part consists 
of mass and damping only; 

 For MDOF systems with non-
singular mass matrix (all DOFs 
have nonzero masses). 

 Stiff or infinitely stiff problems with short 
periods; 

 For MDOF systems with singular mass 
matrix (some DOFs have zero masses 
such as rotational DOFs, without 
considering the associated mass 
moment of inertia, in moment resisting 
frames) 

 

2.1.2 Errors in Hybrid Simulation Testing 

Due to the nature of the multi-component of HS system (HSS), there are numerous possibilities 
for error sources either computationally or experimentally, especially in the controller and 
boundary conditions. Elimination or at least minimizing these errors is necessary for a valid and 
reliable HSS. Errors in HS can be categorized into three groups: (1) errors due to structural 
modeling such as the structural idealization that consists of replacing a continuous system by a 
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discrete number of DOFs; (2) errors due to the numerical methods; and (3) experimental errors 
constitute the third group, which can be further classified as random and systematic errors. 
Although numerical and random errors have been found to be insignificant in contaminating the 
results and thus typically ignored. Because of the propagation and accumulation of systematic 
experimental errors, better understanding of the nature of these errors was desired in order to 
either eliminate or minimize them or correct the results by compensating for such errors to 
achieve a more reliable system. 

A brief survey of HS errors-related previous research is presented. Mosqueda [2003] 
provided a comprehensive summary of the nature and sources of HS errors and available error 
compensation techniques. The effect of experimental errors has always been an important area of 
HS research, especially before the advent of modern digital controllers and closed loop control of 
hydraulic actuators. In two of the earliest works, the propagation of random and systematic errors 
was evaluated by Mahin and Williams [1980] and Shing and Mahin [1983]. The cumulative 
nature of experimental errors introduced by the control and data acquisition systems in HS tests 
using explicit numerical integration algorithm was studied by Shing and Mahin [1987]. 
Reliability of the HS method was investigated by Yamazaki et al. [1989], where experimental 
error behavior was examined based on an elastic test of a six-story steel structure. Thewalt and 
Roman [1994] presented several parameters for identifying errors and quantifying their 
magnitude and effect. Mosqueda [2003] simulated the experimental errors, such as the random 
noise in the load cells and displacement lag errors, using Simulink models and derived linear 
transfer functions for time delay errors and for the dynamic behavior of experimental set-ups, 
including the specimen, the transfer system, and the reaction wall. 

An example of research aimed at reducing the effect of errors on HS includes Chang et 
al. [1998], who proposed solving the momentum equation of motion that is obtained by 
integrating the force equation of motion. This approach filters out the measured forces are by the 
integration algorithm before being used in the numerical solution. Horiuchi et al. [1999] 
measured the time lag of the actuator response, i.e., the difference between command and 
feedback displacements, and predicted the command of the actuator by advancing the current 
time with the delay time using a polynomial extrapolation procedure. Alternatively, Elkhoraibi 
and Mosalam [2007] overcame this time lag by developing a feed-forward error compensation 
scheme based on the modification of the displacement command with an error term which is a 
function of the actuator velocity. Stoten and Magonette [2001] have investigated the effect of 
improvement of the hardware components, such as the use of digital controllers and digital 
transducers, in order to achieve better experimental results. Development of integration methods 
aimed at damping out the spurious higher mode participations also strive to reduce the effect of 
errors on HS. 

2.1.3 Real-Time Hybrid Simulation 

A HS test is said to be conducted in real-time when the experimental substructure (physical 
specimen) is loaded with the actual calculated velocities and accelerations. Therefore, highly 
variable loading rates are expected in real-time tests. Conventional HS with slow rates of 
loading, which is similar to the tests conducted in this study, is sufficient in most of the cases 
where rate effects are not important, such as in the case of RC components. However, for rate-
dependent specimens, such as triple friction pendulum bearings, real-time HS becomes essential. 
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Another relevant application is the use of real-time HS for testing rate-dependent composite 
(polymer) insulator posts [Mosalam et al. 2012]. 

The first progress in real-time HS was achieved by Nakashima et al. [1992], who used 
dynamic actuators and a digital servo-mechanism. After the development of actuator-delay 
compensation methods by Horiuchi et al. [1999], research on real-time HS gained momentum. 
Darby et al. [1999; 2001] developed various real-time partitioned HS utilizing control system 
approaches. Nakashima and Masaoka [1999] employed a DSP for the first time to separate the 
actuator signal generation from the target displacement computation. Nowadays, the rapid 
development of computing technologies and control methods increases the number of real-time 
HS research activities for different applications. For example, a large amount of work was 
conducted on electrical switches using real-time HS [Günay and Mosalam 2014]. 

2.1.4 Previous Hybrid Simulation Testing of Bridges 

As detailed above, much of the research in HS have focused on the development side and 
robustness of the testing method; however, several studies have utilized HS directly in different 
applications [Yang et al. 2007; Wang et al. 2007; Chang 2008; Kim and Elnashai 2008; 
Mosqueda et al. 2008; Takahashi et al. 2008; Xin-Jiang and Shi-Zhu 2009; Frankie et al. 2013]. 
A short summary of one of the recent studies that focused on HS application to bridges and was 
consulted during the course of this study is presented below for its relevancy.  

An investigation by Terzic and Stojadinovic [2010], which was conducted at UCB and 
used a similar HS test set-up to the present study, focused on the post-earthquake traffic capacity 
of modern California bridges using HS. Modern highway bridges in California are designed 
using the Caltrans SDC [2013] and are expected to maintain—at minimum—a gravity load-
carrying capacity during both frequent and extreme seismic events. However, no validated, 
quantitative guidelines for estimating the remaining load-carrying capacity of such bridges after 
an earthquake event exist. Terzic and Stojadinovic [2010] combined experimental and analytical 
methods to evaluate the post-earthquake traffic load-carrying capacity of a modern California 
highway overpass bridge. An experimental study on models of circular RC bridge columns was 
performed to investigate the relationship between earthquake-induced damage in bridge columns 
and the capacity of the columns to carry axial load in a damaged condition. The test results were 
then used to calibrate a FE model of a bridge column. This bridge column model was 
incorporated into a hybrid model of a typical California overpass bridge and tested using the HS 
technique. A multi-DOFs HS tests were conducted that used two translational and two rotational 
experimental DOFs for the test, which required a new experimental set-up element in 
OpenFresco, similar to what has been developed in the present study. The FE model of the 
typical California overpass bridge was validated using the data from the HS tests. The validated 
model of the typical bridge was used to evaluate its post-earthquake truck load capacity in an 
extensive parametric study that examined the effects of different ground motions and bridge 
modeling parameters, such as the boundary conditions imposed by the bridge abutments, the 
location of the truck on the bridge, and the amount of bridge column residual drift. Terzic and 
Stojadinovic [2010] concluded that a typical modern California highway bridge is safe for traffic 
use after an earthquake if no columns failed and the abutments are still capable of restraining 
torsion of the bridge deck about the longitudinal axis. If any of the columns fail, i.e., fractured 
column reinforcing bars are discovered in an inspection, the bridge should be closed for regular 
traffic. Emergency traffic with weight, lane, and speed restrictions may be allowed on a bridge 
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whose columns have failed if it is determined that the abutments can restrain torsion of the 
bridge deck. These findings pertain to the bridge configuration investigated in the study. 

2.2 HYBRID SIMULATION SYSTEM 

To perform a HS test, several key components including software and hardware are necessary. 
Schellenberg et al. [2009] provided a comprehensive overview of the key components of a 
generic HSS, as shown in Figure 2.1. The components of the specific HSS utilized in this study 
in addition to the computational and experimental substructures used are discussed in this 
section. A brief discussion of a P-delta correction scheme that was devised and used in some of 
the HS tests is presented as well. 

 
Figure 2.1 Key components of a hybrid simulation system [Schellenberg et al. 2009]. 

 

2.2.1 Hybrid Simulation System Components and Connectivity 

Four main components comprise a typical HSS. The first component is a discrete model of the 
structure to be analyzed on a computer, including the static and the dynamic loading. The FE 
method is used to discretize the problem spatially, and a time-stepping integration algorithm is 
then used for the solution of the equations of motion with time discretization. The resulting 
dynamic equations of motion for the finite number of discrete DOFs are a system of second-
order ordinary differential equations in time that are initialized and expressed, as shown in 
Equation (2.1). 
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where 
..

U , 
.

U , and U are the acceleration vector, the velocity vector, and the displacement vector 
at the structural DOFs, respectively. M is the mass matrix assembled from the nodal and element 
mass matrices, C is the viscous damping matrix, Pr are the assembled element resisting forces 
(which depend on the displacements), P are the externally applied nodal loads, and Po are the 
assembled “equivalent” element loads. 

The second required component is a transfer system consisting of a controller and static 
or dynamic actuators, so that the incremental response (generally the displacements) determined 
by the time-stepping integration algorithm can be applied to the physical portions of the 
structure. For slow tests such as the ones conducted in this study, quasi-static testing equipment 
can be used. Thus, the same controllers and static actuators that were used in the cyclic loading 
tests of Specimen No. 1 were utilized again in Specimen No. 2 HS tests. The third major 
component of the HSS is the physical specimen being tested in the laboratory and the support 
system (e.g., reaction wall or frame) against which the actuators of the transfer system can react. 
The fourth and last component is a data acquisition system, including displacement transducers 
and load cells. The data acquisition system is responsible for measuring the response of the test 
specimen and returning the resisting forces to the time-stepping integration algorithm to advance 
the solution to the next analysis step. 

A vital feature of HS is to connect the above mentioned four components together to 
achieve vigorous two-way communication for sending the displacement input and receiving the 
force feedback. The major components and connectivity pieces of the utilized HSS at the 
Structures Laboratory at UCB are shown in Figure 2.2. The main pieces identified in this figure 
are as follows: (a) A computational platform where the numerical integration of the governing 
equations of motion is performed (the Open System for Earthquake Engineering Simulation 
(OpenSees) [McKenna et al. 2000] was used in this case); (b) OpenFresco [2008] generic 
middleware that communicates with the computational platform; (c) new interface software 
developed within the PI data acquisition system (DAQ) that communicates, in turn, with 
OpenFresco through TCP/IP connection; (d) a DSP card that further complements the 
communication loop with the laboratory hardware; and (e) digital controllers that command the 
hydraulic actuators in displacement control. The main development in this study is the PI 
interface to communicate with OpenFresco from the computational side, and the DSP card from 
the experimental side. Another development was implementing a new geometric transformation 
test set-up component in OpenFresco. More details about these developments and their 
verification are reported later in this chapter. A further discussion of the computational and 
experimental substructures is presented in the following subsections. 
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Figure 2.2 Overview of the main components and connectivity of the HSS at the 

Structures laboratory at UCB. 

2.2.2 Computational Model  

The computational model consisted of multi-DOFs with mass and damping. The lumped mass 
used in the computational model was calibrated such that comparable modes of vibration to the 
prototype bridge (see the companion report) are obtained when the proper similitude 
relationships were applied. Damping is modeled as Rayleigh damping with damping coefficients 
determined by using 5% damping ratio for periods corresponding to the transverse and 
longitudinal modes of vibration. Although a larger computational substructure of the full 
prototype bridge could have been used in the considered HS tests, the main objective of the HS 
test was to evaluate the bent cap beam behavior and the contribution from the test specimen box-
girder slabs rather than an overall bridge behavior, i.e., a localized behavior of the test specimen 
and a global behavior of the test sub-assemblage considering the column-bent cap-box-girder 
interaction rather than the full bridge behavior. Accordingly, the computational model was a 
multi-DOFs column with lumped mass at the top. OpenSees [McKenna et al. 2000], previously 
used in the pre-test analysis, was used again in the HS tests as the FE software used to analyze 
the computational substructure of the test specimen and solve the dynamic equation of motion to 
solve for the displacement at each time step. Meanwhile, OpenSees was used along with the 
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middleware, OpenFresco [Schellenberg et al. 2009], to connect the FE model with the control 
and data acquisition software. OpenFresco was designed in an object-oriented structure that is 
similar to that of OpenSees; it shares common classes and subroutines for element types and 
numerical integration methods for instance. Therefore, OpenFresco is most conveniently used 
with OpenSees as the FE platform even though OpenFresco has the capabilities to communicate 
with a variety of other FE software programs. Accordingly, a single OpenSees/OpenFresco input 
file that is prepared using the Tool Command Language (TCL) is used to define the 
computational model and the communication settings. The specimen is represented in OpenSees 
using the GenericElement type. 

The HS tests were conducted using a transverse direction only or bi-directional horizontal 
components of the ground motion. Again, the vertical component of the ground motion was used 
only in the tests that incorporated the P-delta correction where the total fluctuating axial load, 
due to both of the gravity load and vertical excitation, was used to correct for the lateral force 
feedback. As discussed in detail in the companion report, a short list of six ground motions were 
found to cause the largest demands in the bent cap. Out of the short list of six records identified 
in Part I of this report, only the Northridge earthquake record at the Rinaldi station was used in 
Specimen No. 2 HS tests as it was representative of a California earthquake. Figure 2.3 shows 
the three components of the 100% Rinaldi record. 

The above discussion is concerned mainly with the computational model considered for 
the intended HS tests of Specimen No. 2. However, for the HSS verification tests that used the 
actuators only—without any attached specimen— a more generic and much larger DOF model 
was used with a variety of ground-motion records to validate the HSS for larger computational 
models and different cases. The HSS verification tests used different ground motions with more 
cycles and harmonic nature, such as the El Centro record, and pulse-like nature, such as the 
Rinaldi record. Moreover, a multi-story multi-bay frame was used as the computational model 
where one of the first story columns was replaced by the experimental element. A simulation 
experimental element, available in OpenFresco and based on input material and geometric 
properties, was used rather than an actual experimental physical substructure. This was very 
beneficial where a multiplier (assumed stiffness) of the displacement of the free actuators in the 
HS verification tests was feedback as a virtual force feedback to the system to check the 
communication loop against the pure simulation results. More details are presented in the single 
actuator verification tests; see Section 2.4.2. 
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Figure 2.3 Three components of the Northridge earthquake recorded at Rinaldi 

station. 

2.2.3 Physical Substructure 

The hybrid nature of the tested model is attributed to the fact that part of the model is a 
computational analytical model, whereas the rest of the model is a physical experimental 
substructure. For the HS tests considered in this study, the physical specimen was the column-
bent cap-box-girder sub-assemblage, which was similar to the test specimen considered for the 
quasi-static cyclic loading tests. As previously discussed, the computational model was a column 
model with lumped mass and damping. The input for the equation of motion was supplemented 
by the resisting force feedback, which reflected the lateral overall system behavior of the full 
column-bent cap–box-girder sub-assemblage after the proper geometric transformations were 
applied. Figure 2.4 shows a view of the retrofitted Specimen No. 2, before setting up the 
instrumentation and the test loading set-up, which comprised the physical substructure of the HS 
tests. 
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Figure 2.4 Physical experimental substructure (retrofitted Specimen No. 2) used in 

the HS tests. 

2.2.4 P-Delta Correction 

In structural analysis, P-delta refers to the abrupt changes in a sufficiently tall structural 
component base shear and bending moment when it is subjected to lateral displacement. The P-
delta effect can be interpreted as a destabilizing secondary moment that results from a vertical 
gravity force multiplied by the lateral displacement, as schematically represented in Figure 2.5. 
Accordingly, in case of progressing lateral displacements, the destabilizing secondary moment 
increases and can cause instability or complete collapse. The P-delta effect is more dramatic in 
buildings, especially tall buildings, more than bridges because of the elevated gravity load levels 
at the lower floors columns. Vertical ground excitations can increase axial load levels, which can 
accelerate the collapse. In bridges the gravity loads are not typically as high as in the case of 
buildings, yet the P-delta effect might be pronounced at large lateral displacements. 

This study devised an approximate method for accounting for the P-delta effect from 
both the gravity load and the vertical excitations for HS testing: the lateral force feedback is 
corrected before it is sent back to the computational model to solve for the next displacement 
input step. Given the known lateral displacement at a time step, the acting gravity load along 
with the additional axial load resulting from the solution of the computational model under the 
vertical excitation were utilized to calculate the P-delta secondary moment, and, accordingly, 
correct the lateral force feedback. Figure 2.5 shows schematically how the corrected force is 
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achieved when the P-delta effect is incorporated. The simple arithmetic operation to correct the 
force feedback was performed using a DSP subroutine. These split computations provided 
additional flexibility for future development where the conventional DAQ system can be used to 
accommodate a hybrid computational model, i.e., part of the computations are performed using 
the FE platform, while another part is performed using a DSP subroutine. 

The P-delta correction involved the applied gravity load during a HS test as well as the 
corresponding axial force resulting from the vertical excitation calculated using the model 
featured in Figure 2.6. Thus, a different P-delta correction force was calculated at each time step 
to accommodate the fluctuating total axial load from the gravity and vertical excitation. The 
solution in the vertical direction assumed a bi-linear force-deformation of the interacting column-
bent cap-box-girder system, as shown in Figure 2.6. This approximation aimed at capping the 
resulting vertical force at a certain limit that was dictated by the results of the vertical pushover 
and tri-axial time history DIANA [2014] pre-test analysis. The capping value used for the 
vertical capacity of the system, Pcapping, was ~350 kips; see companion report. 

The P-delta correction was applied only in the HS tests up to 100% scale. Thus, the larger 
scale tests at 125%, 150%, 175%, and 200% ground-motion scales, which were conducted only 
in the transverse direction due to the test set-up limitations, did not include the P-delta 
correction. That was done to avoid the resulting tension from the axial force fluctuation at larger 
scales of the vertical excitation during some time steps, i.e., the P-delta correction was not 
applied for the runs when Pg + min (Pve) < 0, i.e., tension. The developed tension axial force 
would reverse the correction component and cause a stiffening effect in the feedback. A future 
study that focuses more on identifying all the possible consequences of incorporating the P-delta 
effect might be useful. Because the main objective of the HS tests was the bent cap beam 
response and the box-girder contributions, the P-delta effect was not incorporated at the larger 
scale runs to avoid the influence of any factors that are not fully understood such as the effect of 
the column subjected to tension due to this effect. 

 

 
Figure 2.5 Schematic representation of the P-delta (P-Δ) correction. 
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Figure 2.6 Computational model used for including vertical excitation in the P-Δ 

correction. 

2.3 HYBRID SIMULATION: NEW DEVELOPMENTS 

To properly connect all the HSS components discussed in the previous section, a robust 
communication loop is indispensable. In a general sense, the readily available OpenFresco 
software comprised the biggest part of the necessary middleware needed for connecting the FE 
analysis software and the experimental control and DAQ systems, as illustrated in Figure 2.7. 
OpenFresco lacked the needed experimental set-up that performs the specific geometric 
transformations between the global DOF and the local DOF of the lateral actuators per the 
required set-up in this study. Thus, implementing a new experimental set-up object in 
OpenFresco was required to achieve the sought HSS. To avoid using expensive shared-memory 
network cards, such as SCRAMNet, to communicate with the controllers, a practical way of 
utilizing inexpensive TCP/IP Ethernet connections was another objective. Although a generic 
TCP control was already available in OpenFresco, a middleware that utilizes such TCP 
connection to communicate the commands to the controllers was required. To achieve the 
desired middleware, the PI DAQ software was modified to encompass a new module that could 
integrate the networking capabilities of the DAQ console along with the programmable DSP 
card. The new PI interface was the second development achieved in this study. The two 
developments are shown on the HSS flowchart; see Figure 2.7. More detail about these two 
developments is presented below. 

 
Figure 2.7 Overview of the HSS using OpenFresco and the new HSS developments. 
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2.3.1 Development I: OpenFresco New Experimental Set-Up 

The ExperimentalSetup is one of four main classes that compromise OpenFresco. The 
transformation of the prescribed boundary conditions from the local or basic element DOF of the 
experimental elements into the actuator DOF of the transfer system is the first core task of the 
ExperimentalSetup class. Similarly, transformation of the work conjugates measured by 
transducers and load cells back to the experimental element DOF is the second core task of the 
ExperimentalSetup class [Schellenberg et al. 2009]. For the HS tests considered in this study, the 
two horizontal actuators used for applying the lateral load were arranged in a planer triangular 
configuration. A new ExperimentalSetup object was required in OpenFresco to perform the 
geometric transformation between the two model (global) DOFs, designated as x and y, and the 
two actuators (local) DOFs, designated as 1 and 2, as shown in Figure 2.8. The transformation is 
applied to the computed displacements such that displacement command read in each actuator 
DOF is delivered to the corresponding controller. Similarly, the received force feedback in each 
actuator DOF is transformed to the x and y DOFs before passing it to the FE software to proceed 
with the next step calculations. The TriangularActautors object was successfully developed and 
implemented in an updated version of OpenFresco. The TCL syntax input for the new 
experimental set-up is as follows: 

expSet-up TriangularActuators $tag -control $ExpControltag $A1 $A2 $B1 $B2 $C1 $C2 

where $ExpControltag is the defined tag for the used experimental control object, which is the 
GenericTCP in this case, and $A1, $A2, $B1, $B2, $C1, and $C2 are geometric input parameters 
that describe the relative locations of the two actuators, as identified in Figure 2.8. The 
developed set-up element was debugged and implemented in OpenFresco, which was compiled 
into an updated version that encompassed the new set-up. Further verification of the geometric 
transformation achieved through the newly implemented experimental set-up element was 
conducted as discussed in the next section. 

 
Figure 2.8 Input displacement and measured force feedback geometric 

transformation between the model global DOF and the actuators local 
DOF. 
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2.3.2 Development II: New PI Interface 

The central development achieved through this part of the study is a practical middleware 
between OpenFresco and the controllers. This interface is built into the PI DAQ system. The 
development was achieved through various collaborations with the staff at the Structures 
Laboratory at UCB. The final product consists of two related parts: (1) Microsoft Windows 
application customized from the PI DAQ software; and (2) PI test file containing specific PI6042 
DSP routines. A more detailed description along with the main purpose of each of the two 
implemented interface pieces is presented here. 

2.3.2.1 Microsoft Windows Custom Application 

The Microsoft Windows application, namely PI660C UCB HybridSim interface, is a heavily 
modified version of the original PI660C DAQ program. The modifications include the addition 
of a TCP communications interface, an OpenFresco command interpreter, and a raw data format 
handler and translator. The main purpose of the developed new PI interface is to exchange 
displacement and force vectors—from 1 to 5 DOF—with OpenFresco over an Ethernet TCP/IP 
connection. Thus, this application is responsible of receiving the displacement vector from 
OpenFresco and passing it through the DSP routines to the controllers. In addition, it receives the 
force feedbacks from allocated memory locations and sends them back to OpenFresco. All the 
operations performed through this part of the interface utilize data in the actuators’ DOF. The 
geometric transformation to the global DOF for solving the equations of motion under the 
responsibility of OpenFresco through the new ExperimentalSet-up class, as previously discussed. 

A screen shot of the PI660C UCB HybridSim Microsoft Windows application is shown 
in Figure 2.9. The figure shows the implemented module that handles the HS mode and sets its 
parameters. A set of the parameters that can be pre-assigned are shown in Figure 2.10. All the 
parameters are considered input for the DSP routines that are called through the PI application. 
Because the interface can exchange data from up to five DOFs, a span definition is required for 
each of these five DOFs for control purposes. The rate of loading, defined in terms of the 
maximum velocity, is one of the parameters input shown in Figure 2.10. A maximum velocity is 
defined rather than a constant velocity because based on the number of controlled DOFs, one 
actuator might have to slow its velocity to match other actuators motion; see Section 2.4.3 for 
more detail. Finally, two additional options that are still under development but were not needed 
for the tests conducted in this study, are the superpipelinemode and pipelinepredict. These modes 
aim at minimizing the communication delays for the prospect of real-time HS application. 
However, these new options out of the scope of this study and are not discussed further herein. 

2.3.2.2 PI6042 DSP Routines 

The DSP routines are responsible for the low-level, high-priority, and time-sensitive tasks. The 
main purpose of these routines is the motion interpolation and data generation tasks. 
Additionally, the DSP routines are responsible for data acquisition hardware handling, such as 
sending analog outputs or receiving analog inputs for reporting via the USB data link interface to 
the computer where the new PI interface is running. The DSP program code is uploaded via a 
USB link from the control computer to the PI6042 DSP cards residing in the PI6000 chassis, 
shown in Figure 2.11, and executed once per data acquisition scan, which was set at 10 
milliseconds intervals in this study. 
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Figure 2.9 Screen shot of the developed new PI interface with the added HybridSim 

module and options. 

 
Figure 2.10 Screen shot of the HS parameters setting used in the new PI interface. 

The PI6042 DSP routines were written in a Reversed Polish Notation (RPN), which is a 
close variant to both Assembly language and the Hewlett-Packard calculator macro-
programming language. The RPN routines are executed once per data acquisition scan cycle at 
the requested sampling rate. For proper operation, the sampling rate required for defining the 
actuators path velocity was set to 10 millisec for the HS trials and tests conducted in this study. 
The RPN routines, called by the PI660C UCB HybridSim interface, are executed on the PI6042 
DSP card sequentially at every data acquisition scan. One of the main functions of these routines 
is to interpolate the final end-displacement at a given time step, as received from OpenFresco via 
the new PI interface, and deliver the interpolated calculated signal to the MTS 407 controllers. 
The physical connection for the interpolated signal transfer to the controllers is a standard BNC 
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to BNC cable, where one end is connected to the DSP card in the PI chassis, and the other end is 
connected to the controller as shown in Figure 2.12. Note that the capabilities of the PI6042 DSP 
card were utilized by Mosalam and  Günay [2014] in a previous study to conduct real-time HS 
tests on a shaking table configuration for electrical disconnect switch single post insulators. The 
specialized RPN routines documented in their study were successfully executed at 1 millisec 
intervals, which allowed the HS to take place in real-time. 

 

 
Figure 2.11 PI data acquisition system and DSP card (identified by the light rectangle 

box) used in the HSS. 

 

 
Figure 2.12 Physical connection for sending the interpolated calculated displacement 

input from the DSP to the MTS 407 controller. 
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2.4 HYBRID SIMULATION SYSTEM VERIFICATION TESTS 

To confirm the performance of the implemented developments and validate the HSS for testing 
retrofitted Specimen No. 2, several trials and verification tests were conducted. The verification 
tests started with network protocol analysis and then utilized single and double free actuators, 
i.e., not attached to any physical specimens, as discussed in this section. Full HS tests that 
utilized the repaired Specimen No. 1 to validate the whole HSS were finally conducted as 
discussed next. 

2.4.1 TCP/IP Network Stack 

Numerous performance and characterization tests were performed on the TCP/IP performance 
between the OpenFresco/OpenSees platform and the new PI660C UCB HybridSim interface. 
These characterization tests were performed directly by using the Wireshark network protocol 
analyzer program [Orebaugh et al. 2006]. Wireshark attaches directly to the network software 
stack and records all the Ethernet packets traversing the Ethernet interface, which is commonly 
referred to as “sniffing.” By looking at the timestamps and decoding the packet payloads, the 
traffic flow and timing were understood. A screenshot of the Wireshark sniffing of an established 
Ethernet TCP/IP connection in the developed HSS is shown in Figure 2.13. 

The Ethernet TCP/IP network transactions flowing through a preliminary established 
connection between the OpenFresco platform and the new PI interface was analyzed. The timing 
data from the Ethernet transactions first indicated a latency of approximately 216 millisec. In 
order to reduce latency, the transmit buffer of OpenFresco was resized to be an integer multiple 
of the payload size of the Ethernet frame, i.e., the OpenFresco variable OF_Network_dataSize 
was modified from 256 to 365, such that on every network transaction, two totally filled Ethernet 
frames were utilized. Adjusting the OpenFresco packet size reduced the latency to 70 millisec. 
Due to the slow nature of the loading rate of the test in this study, the 70 millisec latency were 
found to be insignificant in altering the desired HS communication. For extension to real-time 
HS, this latency needs to be revisited. 
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Figure 2.13 Screenshot of the Ethernet TCP/IP network packet analysis using 

Wireshark. 

2.4.2 Single Actuator Tests 

To verify the robustness of the communication between OpenFresco and the controllers via the 
newly developed PI interface and DSP routines, HS trial tests were conducted on free actuators 
detached from the specimen. A single actuator was used first along with a large multi-DOF 
computational model to test the communication loop between all components of the HSS. The 
set-up for the free actuators is shown in Figure 2.14. Two-way communication is necessary in 
HS; one way is for sending the displacement command and the other is for receiving the force 
feedback. A free actuator that is not attached to any specimen will report zero force feedback or 
only the load-cell noise. Thus, for the free actuator trials, a multiplier (stiffness) of the 
displacement command was feedback to the DSP and DAQ as a virtual force feedback. The 
constant multiplier reflected the stiffness of a hypothetical linear force-displacement relationship. 
The advantage of this virtual feedback is that it allows for comparison with pure simulation 
results where an elastic element with a constant stiffness replaces the actuator displacement/force 
feedback virtual experimental element. The computational model used for the free actuator trial 
was a multi-story multi-bay frame, represented schematically in Figure 2.15, where one column 
in the first story is modeled using either a linear elastic element or replaced by a generic 
simulation experimental element in HS tests. The El Centro ground-motion record was used for 
these trials as it contained several cycles with various amplitudes rather than a single large pulse. 



22 

For comparison with the pure simulation case, a multiplier of two was chosen for the 
displacement feedback to the DSP to reflect a hypothetical elastic element with 2 kip/in. 
stiffness, which was compatible with the other columns in the computational frame in the hybrid 
model. 

 

 
Figure 2.14 Actuators detached from the specimen for conducting trial HS tests. 

 

 
Figure 2.15 Schematic representation of multi DOF frame computational model used 

for HS actuators trial tests. 

Figure 2.16 and Figure 2.17 compared the displacement and force histories from the pure 
simulation to those from the HS recorded data obtained from OpenSees and the PI DAQ, 
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respectively. OpenSees recorded the displacements obtained from the solution of the equation of 
motion at each time step along with the discrete force feedback at solution time steps only when 
received through the new PI interface. Meanwhile, the PI DAQ recorded the actual command 
data, i.e., actuator motion, and its multiplier when received at the DSP card. As shown in Figure 
2.18, the force-displacement relationships are plotted for all cases to demonstrate the constant 
stiffness used for the model and the case with the hypothetical feedback. The comparison shows 
the perfect match between the simulation and the HS tests. 

 
Figure 2.16 Comparison of the displacement history obtained from the pure 

simulation, the computed OpenSees command for HS, and the actual 
actuators motion obtained from HS tests using single free actuator. 
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Figure 2.17 Comparison of the force history obtained from the pure simulation, the 

received feedback at OpenSees, and multiple of the actual actuator 
displacement feedback as force as obtained from HS tests using single 
free actuator. 

Despite the perfect match in the displacement amplitudes, the progression with time was 
different from the actual actuator motion and the OpenSees command, or pure simulation case. 
This was expected and was attributed to the constant velocity or rate of loading used for 
commanding the actuator. The DSP routines were used to interpolate the received displacement 
command and apply it smoothly to the controller to pass it to the actuator. Thus, an obtained 
constant velocity would verify the communication loop and the DSP interpolation routines. 
Figure 2.19 shows the velocity history as calculated from the actual recorded interpolated 
commands. The constant velocity at 0.05 in./sec, which was the input rate through the PI660C 
UCB HybridSim parameters definition as shown previously in Figure 2.10, was successfully 
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achieved as calculated from the actual recorded data. Therefore, the good comparison between 
the HS tests that used a hypothetical feedback of a constant multiplier applied to the actual 
command and the pure simulation demonstrate the accuracy of the communication loop among 
the different HSS components. 

 
Figure 2.18 Force-displacement relationships from pure simulation and HS test data 

recorded at OpenSees and using the PI DAQ from HS tests using single 
free actuator. 

 
Figure 2.19 Velocity history of the actual actuator motion from single actuator HS 

tests. 
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2.4.3 Double Actuator Tests 

Similar trial tests were conducted using two free actuators set-up with the actual computational 
model for the bridge sub-assemblage test specimen, i.e., utilizing the newly implemented 
geometric transformation set-up (the TriangularActuators ExperimentalSetup class) in the 
OpenFresco/OpenSees input file. In addition, the Rinaldi ground motion considered in the actual 
HS tests in this study was used in these trials. The same concept of feeding back a hypothetical 
force that is two times the actual displacement command was used in these trials as well. These 
tests aimed at verifying the correctness of the newly implemented geometric transformation and 
the DSP routines in interpolating the displacement command for two actuators simultaneously. 
To verify the geometric transformation, the input of the OpenFresco TriangularActuator 
command was set up in a way that rendered each of the actuators inclined with a 45 angle, e.g., 
A1 and B1 identified in Figure 2.8 were set to similar values. In this geometry, if a global 
transverse direction only motion (ux in Figure 2.8) is required, the two actuators should have 
identical input along the local DOFs. On the other hand, if a longitudinal-only motion (uy in 
Figure 2.8) is required, the two actuators should have same magnitude but opposite direction 
local DOFs input. This anticipated geometric transformation was verified as shown in Figure 
2.20 through Figure 2.27. In subsection 2.4.3.1, the figures from the transverse direction only 
case are shown. Figure 2.20 and Figure 2.21 compare the OpenSees displacement command and 
received force feedback for the two actuators with the actual PI DAQ recorded data, respectively. 
The force-displacement relationships are also compared in Figure 2.22 to demonstrate the 
communication effectiveness reflected in the linear relationship shown in the figure. To 
emphasize that the two actuators had identical motion as intended, the velocities for both 
actuators were calculated and plotted in Figure 2.23. Both actuators moved with the input 
constant velocity of 0.05 in./sec, which verifies the capability of the DSP routines to interpolate 
the command for two actuators simultaneously. 

Subsection 2.4.3.2 displays the plots for the longitudinal-only trial tests. The well-
matching amplitudes from the OpenSees generated the displacement command; the actual 
motion of the actuators is shown in Figure 2.24. Similarly, the hypothetical force feedbacks that 
were twice the actual displacements are similar to what OpenSees eventually received at each 
time step for solving for the new time step, as illustrated in Figure 2.25. The force-displacement 
relationships are compared in Figure 2.26, and the calculated velocities for the two actuators are 
shown in Figure 2.27. The figures show that the two actuators had similar input along the local 
DOFs but with opposite direction (sign). This implies that the two components of the actuators 
motion in the transverse direction cancelled the effect of each other and hypothetically forced the 
actuators along a longitudinal path. Meanwhile, the velocities presented in Figure 2.27 show 
different signs but almost constant velocity for the two actuators as a similar magnitude of 
motion is “commanded” to each of them. While this preliminary tests verified the geometric 
transformation and DSP interpolation routines, a formal verification was obtained when a full HS 
test was conducted using the repaired Specimen No. 1 specimen as discussed in the next section. 

One final trial test that used the two free actuators was a generic bi-directional test. This 
generic case was useful in the final verification of the DSP interpolation routines rather than the 
geometric transformation, as discussed in subsection 2.4.3.3. Figure 2.28 and Figure 2.29 show 
the displacement command and force feedback comparison, respectively. Figure 2.30 shows the 
force-displacement relationship, and Figure 2.31 shows the velocities of the actuators. The key 
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observation from this test is how the actuators change their velocities when one actuator has a 
longer displacement command to execute than the other. In this case, only the actuator with 
larger interpolated command moves at the maximum set velocity, while the other actuator slows 
its velocity to stay on the same spatial path of the anticipated column head where the actuators 
would be eventually connected. Figure 2.31 denotes when the two actuators had different 
command magnitude; actuator 2 moved at a slower velocity when actuator 1 was moving with 
the maximum 0.05 in./sec and vice versa. This ultimately verified the DSP interpolation routines 
and the DSP/PI DAQ communication loop. 

2.4.3.1 Transverse Direction Only Ground-Motion Input 

 

 
(a)

 
(b) 

Figure 2.20 (a) Actuators displacement history from the HS computed OpenSees 
signal; and (b) actuators feedback from the DAQ (bottom) for transverse 
direction only ground motion test. 
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Figure 2.21 Actuators force history from load cell DAQ data for transverse direction 

only ground motion test. 

 

 

  
Figure 2.22 Actual force-displacement relationships obtained from the DAQ data for 

transverse direction only ground-motion test. 
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Figure 2.23 Actuators velocity as calculated from the obtained feedbacks from the 

DAQ data for transverse direction only ground-motion test. 

0 100 200 300 400 500 600 700
-0.075

-0.05

-0.025

0

0.025

0.05

0.075

V
el

o
ci

ty
 [

in
ch

/s
e

c]

Time [sec]

 

 

0 100 200 300 400 500 600 700
-0.075

-0.05

-0.025

0

0.025

0.05

0.075

V
el

o
ci

ty
 [

in
ch

/s
e

c]

Time [sec]

 

 

Actuator 1

Actuator 2



30 

2.4.3.2 Longitudinal-Only Ground-Motion Input 

 
Figure 2.24 Actuators displacement history from the HS computed OpenSees signal 

(top) and actuators feedback from the DAQ (bottom) for longitudinal 
direction only ground-motion test. 

 
Figure 2.25 Actuators force history from load cell DAQ data for longitudinal direction 

only ground-motion test. 
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Figure 2.26 Actual force-displacement relationships obtained from the DAQ data for 

longitudinal direction only ground-motion test. 

 

 
Figure 2.27 Actuators velocity as calculated from the obtained feedbacks from the 

DAQ data for longitudinal direction only ground-motion test. 
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2.4.3.3 Bi-Directional Ground-Motion Input 

 
Figure 2.28 Actuators displacement history from the HS computed OpenSees signal 

(top) and actuators feedback from the DAQ (bottom) for bi-directional 
ground-motion test. 

 
Figure 2.29 Actuators force history from load cell DAQ data for bi-directional ground-

motion test. 
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Figure 2.30 Actual force-displacement relationship obtained from the DAQ data for bi-

directional ground-motion test. 

 
Figure 2.31 Actuators velocity as calculated from the obtained feedbacks from the 

DAQ data for bi-directional ground-motion test. 
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2.5 REPAIRED SPECIMEN NO. 1 HYBRID SIMULATION TESTS 

To complete the validation of the integrated HSS, a full specimen HS test was conducted at the 
Structures Laboratory at UCB using the repaired Specimen No. 1, as shown in Figure 2.32. 
Several HS trials with and without gravity loads and using different ground-motion scales and 
components were conducted, as summarized in Table 2.2. The main benefit of the full specimen 
HS tests was to validate the whole system using a true specimen with inelastic nonlinear 
behavior. Selected results from the Specimen No. 1 HS trials that serve the purpose of the HSS 
validation are presented here. 

 
Figure 2.32 Test set-up used for conducting HS trial tests for the repaired Specimen 

No. 1. 

Table 2.2 Summary of repaired Specimen No. 1 HS tests. 

Test 
ID 

Gravity-
load level 

Ground 
motion 

Ground-
motion scale 

Components 

1 0 Rinaldi 20% Transverse direction only  

2 0 Rinaldi 20% Longitudinal direction only 

3 0 Rinaldi 20% Bi-directional 

4 0 Rinaldi 50% Bi-directional 

5 10% Rinaldi 50% Bi-directional 

6 10% Rinaldi 80% Transverse direction only  

7 10% Rinaldi 80% Longitudinal only 

8 10% Rinaldi 80% Bi-directional 



35 

2.5.1 50% Scale Bi-Directional Hybrid Simulation Tests 

The first objective from the HS full specimen tests was to check the robustness of the developed 
HSS in different stability and loading conditions. For this purpose, a 50% Rinaldi bi-directional 
HS tests were conducted before (Test ID 4) and after (Test ID 5) applying the gravity load. The 
repaired Specimen No. 1 was heavily tested under quasi-static cyclic loading in as-built and 
repaired conditions. Thus, the developed plastic hinge might result in instability if lateral loading 
is applied, which was checked by comparing the HS test results. For brevity, only the recorded 
data from OpenSees are presented. 

The displacement and force responses from the 50% scale bi-directional HS tests with 
and without the applied gravity load are compared. Figure 2.33 compares the computed 
displacement in both of the transverse (ux) and longitudinal (uy) directions with and without 
gravity load application. Additionally, the transverse (fx) and longitudinal (fy) force feedbacks 
received at the OpenSees side after they went through the PI interface and the OpenFresco 
geometric transformation are shown in Figure 2.34. The displacement history suggests that when 
the gravity load was not applied, the system oscillated around a shifted displacement due to the 
almost zero force feedback received. The HS computational model solution and load application 
from a full test gave confidence about the robustness of the HSS system even with almost zero 
feedback. Such zero force feedback can be seen in Figure 2.34, where the damaged column did 
not provide any resistance before the gravity load was applied. 

 
Figure 2.33 Comparison of the OpenSees computed displacements for Specimen No. 

1 HS subjected 50% Rinaldi bi-directional loading with and without the 
gravity load applied. 
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Figure 2.34 Comparison of the force feedbacks received at OpenSees for Specimen 

No. 1 HS subjected to 50% Rinaldi bi-directional loading with and without 
the gravity load applied. 

As illustrated in Figure 2.34, when the gravity load was applied the increased 
compressive stresses in the column led to engaging partial lateral resistance from the column 
again. Reasonable maximum force feedbacks of about 10 kips in the transverse direction and 
about 12 kips in the longitudinal direction were measured when the gravity load was applied. 
These force feedback values are comparable with the residual forces after the repaired Specimen 
No. 1 cyclic tests were completed (see the companion report). 

2.5.2 80% Scale Bi-Directional Hybrid Simulation Tests 

When a 10% gravity load was applied to the repaired Specimen No. 1, the 50% scale HS tests 
demonstrated that the test specimen sub-assemblage preserved reasonable force capacity. Thus, a 
larger 80% scale bi-directional test (Test ID 8) was conducted, and the data from the OpenSees 
side were compared to the actual recorded data at the PI DAQ. The directly measured responses 
in the global x and y directions were compared to the intended OpenSees commands to perform a 
final check of the geometric transformation. Moreover, the actuators performance was checked 
again to verify the DSP interpolation routines. 

The actuators commands adopted from the OpenSees computations but after applying the 
OpenFresco geometric transformation were compared to the temposonic measurements of the 
actual actuators’ motion as previously conducted in the free actuators tests. Figure 2.35 and 
Figure 2.36 show such comparison for both the north and south actuators, respectively. These 
figures represent the transformed OpenSees commands, which were basically the commands sent 
to the DSP card to interpolate and send to the controllers versus the actual achieved commands, 
which progressed in time based on the set velocity and loading rate. Thus, only the amplitudes 
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were useful in comparing these plots as a final check of the HSS; as shown in the figures, the 
plots match closely. The temposonic displacements also feature the constant slopes representing 
the velocities, which were computed and shown in Figure 2.37 for the two actuators. The 
velocity history demonstrates how each of the two connected actuators at the specimen’s column 
head adjusted their speed to keep up with one another during bi-directional loading. The 
maximum velocity set as one of the PI660C UCB HybridSim interface parameters at 0.05 in./sec 
was maintained during the HS tests, i.e., the actuator that received a smaller displacement 
command slowed its rate of loading according to the developed DSP routines. This observation 
is similar to what the two free actuators trial tests showed earlier. However, the full specimen 
actual HS test is more of a confirmation because the correct displacement orbit of the physical 
column head was verified, which in turn successfully verified the DSP interpolation routines. 

A final check for the HSS verification is to compare the intended computed displacement 
commands and received force feedbacks in the global DOFs versus what was actually obtained 
from the tests, i.e., verifying the newly implemented OpenFresco geometric transformation. For 
this purpose, wirepots were set up to measure the global x and y displacements using proper 
triangulation relationships. Figure 2.38 and Figure 2.39 show the comparison of the command 
history in global DOFs, as directly calculated in OpenSees before any geometric transformation, 
and from the wirepots measurements. The amplitude closely matched with only less than 2.5% 
difference, which verified the geometric transformation in the displacement command. 
Furthermore, the backward transformation of the actuator load cell forces was also verified by 
comparing the overall force-displacement relationship (Figure 2.40) from OpenSees versus that 
where the global force calculated from the local load-cell measurements along with the actual 
displacements from the wirepots. 

 
Figure 2.35 North actuator (u1) generated command and actual motion history for the 

repaired Specimen No. 1 80% Rinaldi bi-directional HS test. 
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Figure 2.36 South actuator (u2) generated command and actual motion history for the 

repaired Specimen No. 1 80% Rinaldi bi-directional HS test. 

 
Figure 2.37 Actuators velocity as calculated from the obtained displacement 

measurements from the DAQ data for the repaired Specimen No. 1 80% 
Rinaldi bi-directional HS test. 
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Figure 2.38 Global transverse displacement history (ux) obtained from the OpenSees 

solution and that actually measured from wirepots for the repaired 
Specimen No. 1 80% Rinaldi bi-directional HS test. 

 
Figure 2.39 Global longitudinal displacement history (uy) obtained from the OpenSees 

solution and that actually measured from wirepots for the repaired 
Specimen No. 1 80% Rinaldi bi-directional HS test. 
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Figure 2.40 Comparison of force-displacement relationship in transverse (left) and 

longitudinal (right) directions from the recorded OpenSees data and 
actual load cells and wirepots DAQ data for the repaired Specimen No. 1 
80% Rinaldi bi-directional HS test. 

 

Based on all the verification tests from the free actuators and the repaired Specimen No. 1 
full specimen HS test, it was concluded that the HSS developed herein is reliable and performed 
as expected. In particular, the new PI660C UCB HybridSim application (interface) successfully 
communicated the displacement and force feedback vectors between OpenFresco and the 
experimental hardware. The associated DSP routines developed within the PI660C UCB 
HybridSim successfully interpolated the commands for multi-actuators simultaneously, and 
communicated the DAQ actuators load cell measurements back to the PI interface. Finally, the 
newly implemented OpenFresco experimental set-up object correctly performed displacement 
and force geometric transformation between the global DOFs and the two actuators in a 
triangular arrangement local DOFs. The HSS was then used with confidence to test Specimen 
No. 2, as discussed in the next chapter. 
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3 Hybrid Simulation: Retrofitted Specimen Two 
Tests 

The experimental program conducted in this study comprised mainly of two specimens that were 
tested using different loading protocols and under different conditions. The first specimen was 
tested as-built under cyclic loading and then was repaired and retested under cyclic loading as 
discussed in Part I of this report. The repaired Specimen No. 1 was also utilized in HS test trials 
for HS system verification, as presented in Chapter 2 of this report. Specimen No. 2 was 
retrofitted before any testing and was only tested using HS. Discussions of Specimen No. 2 test 
results are the focus of this chapter. The chapter presents the retrofit procedure, the tests and 
damage progression, the global behavior, the column and bent cap beam local behavior, and 
effective width discussion. The chapter concludes with a brief discussion of the effectiveness of 
the retrofit through comparison of various behavior metrics against the corresponding quantities 
from the identical as-built Specimen No. 1 Tests. 

3.1 RETROFIT PROCEDURE 

The objective of the retrofit considered in this part of the study was to increase the moment 
capacity of the column such that the bent cap beam could experience higher moment demands. 
For this purpose, three layers of CFRP were used to wrap the column to improve the 
confinement behavior and, in turn, increase its flexural capacity. Each of the three layers was 
0.04 in. thick and the total thickness of the jacket was 0.12 in. A brief discussion of the material 
properties of the carbon sheets and the structural epoxy used for creating the jacket layers is 
included in Part I of this report. A similar procedure of wrapping the repaired column of 
Specimen No. 1 with CFRP layers was followed for the untested column of Specimen No. 2. A 
summary of the procedure is shown in Figure 3.1 through Figure 3.5. 

The second specimen retrofit was carried out at a later stage after the construction of the 
specimen. A view of the as-built Specimen No. 2 before the column retrofit is shown in Figure 
3.1. The first step in preparation for the retrofit was cleaning and smoothing the concrete surface, 
Figure 3.1, for efficient wrapping. The surface was then wet with a layer of the primer epoxy and 
the carbon sheets were cut to the required length as shown in Figure 3.2. Each layer of the carbon 
sheets was generously coated from both sides with the primer epoxy as illustrated in Figure 3.3. 
All the wet carbon sheets were rolled and left for a short time to make sure the epoxy is well-
immersed. The following stage was to apply the wet carbon sheets to the column in a 
circumferential manner to create the three-layer jacket one layer at a time. Note that the sought 
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CFRP jacket extended to the mid height of the column. That was to guarantee that the moment 
demand in the unwrapped portion of the column did not exceed its capacity and that the plastic 
hinge did not migrate to an undesired upper location of the column in its inverted position, i.e., 
closer to the pin support. Thus, each layer of the jacket comprised two adjacent sheets provided 
in standard 24-in.-wide rolls with no overlap. Figure 3.4 shows the application of the lower and 
upper parts of the first jacket’s layer. The final retrofitted column is shown in Figure 3.5. 

 
(a) (b)

Figure 3.1 The as-built Specimen No. 2 (a) before retrofit (left); and (b) preparing the 
column surface for CFRP wrapping. 

 
(a) (b)

Figure 3.2 (a) Applying a primer epoxy coat to the column surface before applying 
the CFRP layers; and (b) preparing a single layer of a carbon fibers sheet 
and cutting the sheet to the desired length. 
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Figure 3.3 Coating the carbon sheets with epoxy resin and rolling the wet sheets in 

preparation for wrapping. 

 
(a) (b)

Figure 3.4 Applying the first CFRP layer of (a) the lower part of the jacket and (b) the 
upper part of the jacket of the column using the ready CFRP wet rolls. 
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(a) (b)

Figure 3.5 (a) An overview and (b) close-up view of the final retrofitted column of 
Specimen No. 2. 

3.2 PROGRESSION OF TESTING AND DAMAGE 

As discussed earlier, a similar test set-up to Specimen No. 1 tests was used for conducting the 
Specimen No. 2 HS tests. The main difference is that for Specimen 2 tests, the displacement 
response of the column subjected to ground motion computed during the test used the forces 
feedback measured from the actuators rather than using a prescribed cyclic loading pattern as 
used in Specimen No. 1 quasi-static tests. In addition, the bi-directional loading was conducted 
in both of the transverse and longitudinal directions simultaneously in case of Specimen No. 2 
HS tests rather than separately as in the Specimen No. 1 cross-orbit cyclic loading tests. An 
overview of the test set-up and load progression during one of the HS tests is shown in Figure 
3.6. Several HS tests were performed that varied in ground-motion scale, components, and 
direction. Only the test runs that utilized the Rinaldi ground motion at 50% scale or higher were 
included in the test processing and discussion herein. Other smaller scale tests were mainly 
utilized to decide on a suitable loading rate with minimal error and are not included here for 
brevity. A summary of the 15 tests conducted are listed in Table 3.1. The test runs of 100% scale 
or higher were conducted in two opposite directions of shaking, i.e., the ground motion direction 
in the HS input file was used twice: (1) positive (original) and (2) negative (inverted polarity). 
That is because the pulse nature of the Rinaldi ground-motion record caused large inelastic 
deformations in one direction but did not have the same effect in the opposite direction because 
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the pulse did have large enough reversal. More details are presented in the global behavior 
discussion in the next section. 

 
Figure 3.6 Retrofitted Specimen No. 2 HS test set-up during a bi-directional run. 

Table 3.1 Summary of different Specimen No. 2 HS runs. 

Test 
ID 

Grvaity load 
level 

Ground-motion 
scale 

Components Direction 
P-delta 

correction 

1 10% 50% Bi-directional Positive Yes 

2 10% 50% Bi-directional Positive No 

3 10% 50% Transverse only Positive Yes 

4 10% 50% Longitudinal only Positive Yes 

5 10% 75% Bi-directional Positive Yes 

6 10% 100% Bi-directional Positive Yes 

7 10%  -100% Bi-directional Negative Yes 

8 15% 125% Transverse only Positive No 

9 15% -125% Transverse only Negative No 

10 15% 150% Transverse only Positive No 

11 15% -150% Transverse only Negative No 

12 15% 175% Transverse only Positive No 

13 15% -175% Transverse only Negative No 

14 15% 200% Transverse only Positive No 

15 15% -200% Transverse only Negative No 
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The observed global damage and overall mode of failure for the retrofitted Specimen No. 
2 was much different from that of the identical as-built Specimen No. 1. The retrofitted column 
in Specimen No. 2 did not experience extensive damage, i.e., no bar buckling or rupture occurred 
because of the CFRP jacket confinement. Instead, slight damage was observed in the bent cap in 
the compression zone at one of the column sides; see Figure 3.7. To better investigate the final 
damage state of the specimen, the CFRP jacket was carefully removed after all test runs were 
concluded. Figure 3.8 shows the procedure for removing the jacket and an overview of the 
column and cap beam damage state. A uniform pattern of flexural cracks that were almost 
equally spaced within the anticipated plastic hinge zone was observed in the column after the 
jacket removal. All the loose concrete and dust were cleaned after the jacket removal to identify 
the final damage state. Figure 3.9 shows a close-up view of the column flexural circumferential 
cracks and bent cap beam concrete crushing. The first column hoop inside the column-bent cap 
joint and the bent cap transverse stirrups were exposed (Figure 3.9). This indicates that the mode 
of failure was indeed cap beam compression crushing manifested by cover spalling rather than a 
column plastic hinging. This confirms the accuracy of the estimation of the bent cap beam 
capacity by subjecting it experimentally by jacketing the column using CFRP to increase its 
capacity and accordingly the demand on the cap beam. 

 
(a) (b)

Figure 3.7 Damaged state of Specimen No. 2 (a) after all HS tests and (b) final view 
of this damage state after all loose concrete were removed. 

 
(a) (b)

Figure 3.8 Procedure of (a) removing the CFRP jacket after the retrofitted Specimen 
No. 2 tests were concluded and (b) final view of the column after the 
jacket removal. 
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Figure 3.9 A close-up view of Specimen No. 2 column flexural cracks (CFRP jacket 

was removed) and bent cap beam concrete cover spalling after HS tests. 

3.3 GLOBAL BEHAVIOR 

Post-processing and presenting the experimental test results of Specimen No. 2 followed similar 
framework to that of Specimen No. 1 quasi-static tests (Part I of this report). This includes a 
discussion of the global behavior, which is presented in this section, followed by a discussion of 
the column and bent cap beam local behaviors, and the effective width. For the global behavior, 
the observed displacement and force histories, and force-displacement relationships are 
discussed. 

3.3.1 Displacement History 

Monitoring displacements are central to HS tests because displacements are computed and 
updated online during the test based on the measured force feedback, i.e., applied displacements 
are not known beforehand. Similar to the quasi-static cyclic tests, displacements were measured 
using wire potentiometers to capture the global specimen displacements, and temposonics were 
installed along the actuators axes to capture and control the actual input motion at each actuator. 
The actuators displacements were geometrically transformed to the global directions and 
compared to the wirepots measurements. The geometric transformation was reliable and was 
used to deduce the motion of the column head in the transverse and longitudinal directions. Table 
3.1 summarizes the entire displacement history that was computed and applied to the retrofitted 
Specimen No. 2 during the 15 HS tests; the global transverse and longitudinal directions are 
shown in Figure 3.10. Figure 3.11 compares the transverse and longitudinal displacements to the 
two actuator local displacements for the full history of the 15 HS tests. This figure gives an 
overview of the different components of the conducted tests and the sequence of the increased 
ground-motion scales and reversed directions. Zoomed-in views of the displacement histories in 
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the 50%-scale tests in bi-directional, transverse direction only, and longitudinal direction only 
tests are shown in Figure 3.12, Figure 3.13, and Figure 3.14, respectively. 

Figure 3.12 shows that for the case of simultaneous bi-directional loading, one of the 
actuators consistently experienced much lower displacements, which is attributed to the fact that 
the resultant of the nearly similar transverse and longitudinal components was almost aligned 
with the south-inclined actuator direction. Figure 3.13 shows that both actuators had almost 
symmetric (same magnitude and direction) displacements when only transverse loading was 
applied. Figure 3.14 shows that both actuators had almost anti-symmetric (same magnitude but 
opposite directions) displacements when only a longitudinal loading was in progress. Moreover, 
Figure 3.12 to Figure 3.14 show constant slope lines (especially for large displacements) for all 
the global and local displacements. This is attributed to the conducted constant velocity slow rate 
HS tests. Obtaining this constant velocity for the displacement input was a fundamental criterion 
to verify the performance of the HSS and the communication between its components. More 
details were presented in Chapter 2 about the validation of the developed HSS. Another 
important observation from the displacement history figures, especially the full history 
demonstrated in Figure 3.10 and Figure 3.11, is the residual displacements at the end of each of 
the HS tests. For the small-scale tests, a small residual displacement was observed due to the 
minimal damage. However, much higher residual displacements were observed in the transverse 
direction only large-scale tests that reached a final residual displacement of about 2 in. (drift ratio 
of 2.2%) after all the tests were concluded. 

 

 
Figure 3.10 History of the online computed (and applied) displacements in the global 

transverse and longitudinal directions throughout all 15 HS test runs of 
the retrofitted specimen (Specimen No. 2). 
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Figure 3.11 History of north and south lateral actuators temposonics measurements 

and the corresponding resultant displacements in transverse (ux) and 
longitudinal (uy) directions for all 15 HS test runs of Specimen No. 2. 
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Figure 3.12 Zoomed-in view of the history of north and south lateral actuators 

temposonics measurements and the corresponding resultant 
displacements in transverse (ux) and longitudinal (uy) directions for the 
50% scale bi-directional HS test. 
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Figure 3.13 Zoomed-in view of the history of north and south lateral actuators 

temposonics measurements and the corresponding resultant 
displacements in transverse (ux) and longitudinal (uy) directions for the 
50% scale transverse direction only HS test. 
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Figure 3.14 Zoomed-in view of the history of north and south lateral actuators 

temposonics measurements and the corresponding resultant 
displacements in transverse (ux) and longitudinal (uy) directions for the 
50% scale longitudinal-only HS test. 
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3.3.2 Force History 

Displacements are crucial to monitor during displacement-controlled HS tests because that is the 
only way to know what deformations the specimen has gone through during HS testing. 
However, lateral forces are even more important to monitor because it is the force feedback that 
influences the next solution of the governing equations of motion, Equation (2.1) in Chapter 2, 
and, in turn, the new displacement input. A constant vertical gravity load was applied and 
maintained throughout the tests under force-control, which also needed to be monitored to make 
sure it remained constant during the test. The gravity load history is shown in Figure 3.15 for all 
the 15 HS test runs. The total vertical reaction as the sum of the two strut forces is shown as well 
in Figure 3.15 to compare the total portion of the gravity load transmitted directly to the bent cap 
beam at its two supported ends by the two struts. The ratio between the total strut reactions and 
the gravity load was observed to be consistently around 70%, which agrees with the observation 
from Specimen No. 1 cyclic tests as well. Note that the sudden drop and consequent increase at 
the beginning of the second gravity load level, which was 15% corresponding to ~240 kips, 
reflects the unloading and reloading again since testing was conducted during two separate days. 
The total gravity load values that was measured continuously was utilized along with the lateral 
displacement values and the prescribed numerical component of the vertical earthquake 
excitation by the computational model to estimate the equivalent lateral force considering the P-
delta effect. Accordingly, the lateral force feedback was corrected before sending it to the 
computational model for the computation of the next displacement input, as discussed in Chapter 
2. Only the bi-directional runs had the correction involving the P-delta effect considering both 
the time-varying vertical earthquake excitation and the applied constant gravity load. However, 
no such correction was applied during the large-scale transverse direction only HS runs. That is 
because the corresponding axial load variation considering the large-scale runs with vertical 
excitation would experience tension at some time steps, thus increasing the corrected lateral 
force value and affecting the computed displacement input in a somewhat unpredictable way 
because of possible column tension. Although this scheme might be realistic in some cases, it 
was decided to proceed with the transverse direction only runs of scales 100% and higher 200% 
without accounting for the P-delta correction to limit the scope of the study to no-tension gravity 
load in combination with the applied lateral earthquake excitations. 

The entire history of the measured force feedback in both transverse and longitudinal 
directions is shown in Figure 3.16. The force that was sent to the computational model for 
solving the equations of motion is slightly different as it incorporated the P-delta corrections for 
those runs that had that correction scheme applied. A more detailed discussion is presented in a 
following subsection. Similar to the displacements discussion, the local force measured at the 
actuators load cells was compared to the resulting force in the two intended transverse and 
longitudinal global directions. Figure 3.17 shows the full history of north and south actuator 
forces along with transverse and longitudinal force resultant for all the 15 HS test runs. A 
zoomed-in view for the 50%-scale bi-directional, transverse-only, and longitudinal-only tests are 
shown in Figure 3.18, Figure 3.19, and Figure 3.20, respectively. The force residual at the end of 
each test was adjusted and reduced to zero before the start of a subsequent test to avoid any 
unrealistic force feedback at the start of the subsequent HS test. Zeroing the forces also allowed 
the determination of the corresponding residual displacements. However, due to the effect of the 
residual displacements, a minor force feedback was generated in the longitudinal direction when 
testing took place in the transverse direction only, as seen from the noise around the zero force 
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value in the longitudinal force history in Figure 3.16. Also worth noting is that the constant slope 
mentioned above for the displacement histories could be observed only in the small runs where 
the behavior was still in the linear elastic range. However, for the large-scale tests, the constant 
slope in the force history plots was no longer observed because of the inelastic and hysteresis 
damage behavior. 

 
Figure 3.15 Gravity load history and corresponding two vertical strut reactions for all 

15 HS test runs of Specimen No. 2. 

 
Figure 3.16 History of the force feedback in the transverse (fx) and the longitudinal (fy) 

directions for all 15 HS test runs of Specimen No. 2. 
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Figure 3.17 History of north and south lateral actuators load cells measurements and 

the corresponding resultant forces in the transverse (fx) and the 
longitudinal (fy) directions for all 15 HS test runs of Specimen No. 2. 
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Figure 3.18 Zoomed-in view of the history of north and south lateral actuators load 

cells measurements and the corresponding resultant forces in the 
transverse (fx) and the longitudinal (fy) directions for the 50%-scale bi-
directional HS test. 
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Figure 3.19 Zoomed-in view of the history of north and south lateral actuators load 

cells measurements and the corresponding resultant forces in the 
transverse (fx) and the longitudinal (fy) directions for the 50%-scale 
transverse direction only HS test. 
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Figure 3.20 Zoomed-in view of the history of north and south lateral actuators load 

cells measurements and the corresponding resultant forces in the 
transverse (fx) and the longitudinal (fy) directions for the 50%-scale 
longitudinal direction only HS test. 
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3.3.3 Force-Displacement Relationship 

The final global feedback forces and applied displacements in the specimen’s transverse and 
longitudinal directions are plotted for the tested retrofitted bridge sub-assembly Specimen No. 2. 
The force-displacement response considered a whole system response rather than a single 
column response because of the nature of the column-to-superstructure connection, especially 
where the contribution of the full superstructure to the column stiffness is engaged during bi-
directional loading. The concatenated force-displacement relationships for all the 15 HS test runs 
in both transverse (fx versus ux) and longitudinal (fy versus uy) directions are shown in Figure 3.21 
and Figure 3.22, respectively. As shown in the figures, the force capacity was reached only in the 
transverse direction where the stroke capacity of the actuators limited reaching the specimen 
capacity while testing bi-directionally or longitudinally. For the large-scale transverse direction 
only runs, the force capacity was reached as evidenced by the capped value of the force, 
regardless of the increased input ground-motion scale. However, the force capacity reached was 
higher in one direction than the other, which is attributed to the pulse nature of the ground 
motion that concentrated the initial damage on one side; this damage propagated asymmetrically 
even when the input ground motion direction was reversed. As previously observed in the 
damage photographs in Figure 3.7 and Figure 3.9, the cap beam concrete crushing represented by 
cover spalling was the likely mode of failure that caused the bridge system force capacity to be 
reached, as observed in the force-displacement relationship in the transverse direction. In 
addition, the revealed column surface underneath the CFRP jacked showed only flexural cracks 
without concrete crushing, which supports the argument that the force capacity was reached as 
the bent cap reached its capacity rather than the column reaching its capacity. 

 
Figure 3.21 Force-displacement relationship in the transverse direction for all 

Specimen No. 2 HS test runs. 
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Figure 3.22 Force-displacement relationship in the longitudinal direction for all 

Specimen No. 2 HS test runs. 

 

A closer look at the behavior during individual test runs is given in Figure 3.23 through 
Figure 3.25. The force-displacement relationship due to the 100% bi-directional only tests is 
shown in Figure 3.23 and Figure 3.24 when the ground motion was input in the positive direction 
and reversed in the negative direction, respectively, for both the transverse and longitudinal 
directions. These resolved force and displacement components revealed a slightly different 
response in each direction. Moreover, the initiation of damage and hysteretic inelastic behavior 
led to a different asymmetric response when the ground-motion direction was reversed, 
irrespective of the column symmetry and the similarity of the input motion. A maximum value of 
about 30 kips for the transverse force value was observed in one direction versus a maximum of 
almost 40 kips when loading was reversed in the other direction. The same observation was 
pronounced in Figure 3.25 where the force-displacement relationship obtained from the positive 
175% transverse direction only HS test is compared against the one obtained from the negative 
175% test, i.e., the reversed direction. 
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Figure 3.23 Force-displacement relationship in both transverse and longitudinal 

directions for the 100% bi-directional HS test with positive direction 
ground-motion input. 

 
Figure 3.24 Force-displacement relationship in both transverse and longitudinal 

directions for the 100% bi-directional HS test with negative direction 
ground-motion input. 
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(a) (b) 

Figure 3.25 Force-displacement relationship in the transverse direction for the 175% 
transverse direction only HS test with (a) positive and (b) negative 
ground-motion inputs. 

3.3.4 Comparison with OpenSees Data 

One of the advantages of utilizing OpenSees and OpenFresco for conducting the HS tests is the 
ability to record the received force feedback and the computed displacements. Ideally, if the HSS 
does not have any delays or errors, the applied displacement should match perfectly the 
computed displacement at the computational platform end. Figure 3.26 and Figure 3.27 show the 
force-displacement relationships in the transverse and longitudinal directions, respectively, 
which compare the measured test data and the OpenSees recorders for all 15 HS test runs. 
Although the effect of experimental errors and delays should be minimal, as verified from the 
HSS development and validation trials discussed in Chapter 2, a large discrepancy can be 
observed. This is because the computed displacements in OpenSees started from zero each time a 
new test was conducted without recording the residual displacement from the previous test. 
Thus, a better comparison would be achieved if the residual displacement at the start of each test 
is added to the OpenSees data; however, this would not have added much benefit. The force 
comparison is more desirable in that it assures that the measured load cells values are 
comparable to what OpenSees used in solving the equations of motion. 

To exclude the discrepancy in the displacements, only the force values in the transverse 
direction were plotted against the forces in the longitudinal direction; comparisons between the 
measured test data and the OpenSees recorders are shown in Figure 3.28. Note that although 
some runs incorporated P-delta corrections for the force feedbacks sent to OpenSees, the two 
plots compare reasonably well and give confidence that the correct measured forces were utilized 
in the displacement calculations. The difference due to the P-delta correction should be minimal 
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as the largest correction force value did not exceed 10% of the actual measured value. Therefore, 
only the bi-directional runs included the P-delta correction, while the transverse direction only 
large-scale runs did not include the correction. Thus, for these large-scale runs, the measured 
force feedback was directly sent to the computational platform without any modification. 

 

 
Figure 3.26 Comparison of force-displacement relationship for all HS test runs as 

obtained from the observed data acquisition (DAQ) experimental test data 
and the recorded OpenSees data in the transverse direction. 

 
Figure 3.27 Comparison of force-displacement relationship for all HS test runs as 

obtained from the observed DAQ experimental test data and the recorded 
OpenSees data in the longitudinal direction. 
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Figure 3.28 Comparison of the transverse-longitudinal force relationship for all HS 

test runs as obtained from the observed DAQ experimental test data and 
the recorded OpenSees data. 

3.4 LOCAL BEHAVIOR OF COLUMN 

The main objective of the experimental program is to evaluate the bent cap beam behavior and 
the effective slab width. The column local behavior from the as-built Specimen No. 1 tests was 
extensively discussed in the companion report; therefore only brief discussion of the column in 
the Specimen No. 2 HS tests is presented here in relation to the column reinforcement strain 
history, section moments and curvatures, and the CFRP jacket strains. A complementary 
discussion is presented in Section 3.7 where a comparison is made between the as-built and 
retrofitted behavior to evaluate the effectiveness of the retrofitting technique. 

3.4.1 Strain History 

No bar buckling or rupture took place during the HS test runs due to the confinement provided 
by the CFRP jacket. However, extensive yielding was observed in the instrumented column 
longitudinal reinforcement within the plastic hinge zone. Before presenting the strain history at 
the maximum strain location, the response of the four-column instrumented bars as they relate to 
the loading direction is presented in Figure 3.29. Figure 3.30 shows the strain history in the two 
bars that experienced the highest strain for all 15 Specimen No. 2 HS tests in the north and south 
directions. Similarly, Figure 3.31 shows the strain history for the east and west sides, where the 
strain in the east and west sides of the column reached much higher strain levels (as that was the 
direction where the transverse direction only large-scale runs were applied). 
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To study the extent of extensive yielding in the column in the transverse direction, the 
strain history in the east and west sides is plotted at two levels in addition to the level of 
maximum strain shown in Figure 3.31. One level is 18 in. from the face of the bent cap beam, 
which corresponds to the end of the anticipated plastic hinge zone in a conventional column 
without the CFRP jacket, as shown in Figure 3.32. The second level is at the column mid-height, 
as shown in Figure 3.33. Extensive yielding was observed throughout the anticipated plastic 
hinge region, while the column mid-height remained elastic as expected. 

 
Figure 3.29 Layout of the instrumented column rebars in Specimen No. 2 as related to 

the loading directions. 

 
Figure 3.30 Strain history in north and south side column bars due to all HS tests at 

maximum strain location (close to the cap beam face). 
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Figure 3.31 Strain history in the east and west side column bars due to all HS tests at 

maximum strain location (close to the cap beam face). 

 
Figure 3.32 Strain history in the east and west side column bars due to all HS tests at 

height of 18 in. from the cap beam face. 
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Figure 3.33 Strain history in the east and west side column bars due to all HS tests at 

the column mid-height (51 in. from the bent cap beam face). 

3.4.2 Moment and Curvature History 

The bending moment at the column-bent cap interface, where the maximum moment was 
expected, was estimated from the applied lateral force. Figure 3.34 shows the full history of the 
calculated column moment in both the transverse and longitudinal directions. A zoomed-in view 
of the column moment due to the large-scale transverse direction only HS tests is shown in 
Figure 3.35. (The maximum observed moment is compared to that of the as-built column in 
Section 3.7. Although the maximum moment can be considered larger than the yield moment, it 
cannot be claimed that this higher moment represented the retrofitted column moment capacity. 
The observed visual damage suggests that the system capacity was capped due to the bent cap 
beam concrete crushing manifested in the form of concrete cover spalling in the vicinity of the 
column. 

The curvatures at various column sections were estimated during the HS test runs. A 
detailed discussion of the curvature distribution along the column height and a comparison 
between the strain-based versus the LVDT-based curvatures was previously presented in the 
companion report for the as-built Specimen No. 1 specimen. Thus, only the LVDT-based 
curvature history at the location of maximum expected curvature is shown in Figure 3.36 for all 
15 Specimen No. 2 HS test runs in the transverse and longitudinal directions; a zoomed-in view 
of the curvature history for the transverse direction only large-scale runs is shown in Figure 3.37. 
As shown in this figure, the column section responded somewhat in the longitudinal direction, 
although loading was only applied in the transverse direction. That is attributed to the residual 
displacements (discussed earlier) that led a portion of the transverse loading to be accompanied 
with some loading in the longitudinal direction. The obtained curvatures at other column-height 
levels are presented in the next subsection. 
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Figure 3.34 Column moment history at maximum location for all HS test runs. 

 
Figure 3.35 Zoomed-in view of the column moment history at maximum location for 

the large-scale transverse direction only HS test runs. 
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Figure 3.36 Column curvature history at maximum location for all HS test runs. 

 
Figure 3.37 Zoomed-in view of the column curvature history at maximum location for 

the large-scale transverse direction only HS test runs. 
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3.4.3 Moment-Curvature Relationships 

As previously mentioned, all the presented curvature measurements for the HS tests are based on 
the LVDTs measurements rather than strain measurements. As shown in Part I of this report, 
strain-based curvature calculations are not very reliable, especially at higher deformation levels. 
The moment-curvature relationships from bi-directional HS tests are presented separately from 
the large-scale transverse direction only runs to keep the plots simpler and more informative. 

3.4.3.1 Bi-Directional Tests 

Bi-directional HS tests applied loading in both the transverse and longitudinal directions 
simultaneously as a result of solving the MDOF computational model under two-component 
horizontal excitation. The moment-curvature relationship is compared for all bi-directional runs 
in the transverse and longitudinal directions at different levels along the column’s anticipated 
plastic hinge zone. Figure 3.38 shows the moment-curvature relationship at the section of the 
anticipated largest moment and curvature, i.e., 4 in. from the cap beam face. Figure 3.39, Figure 
3.40, and Figure 3.41 show the moment-curvature relationships at sections that were 10, 16, and 
22 in. away from the bent cap beam face, respectively. Although the largest bi-directional HS 
test was conducted at 100%-scale, the column hysteresis was only pronounced within 10 in. from 
the cap beam face, i.e., no column damage extended through the entire conventional plastic hinge 
region up to the 100%-scale runs. As discussed below, when larger ground motion scales were 
applied, the hysteretic damage extended to larger height of the column. 

In addition, the curvature values were slightly higher in the longitudinal direction than in 
the transverse direction for comparable moment demands. This led to wider hysteresis moment-
curvature loops in the longitudinal direction and more energy dissipation than the transverse 
direction; see Figure 3.38. 

 
Figure 3.38 Column moment-curvature relationship in transverse and longitudinal 

directions at 4 in. from the cap beam face for all bi-directional HS test 
runs. 
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Figure 3.39 Column moment-curvature relationship in transverse and longitudinal 

directions at 10 in. from the cap beam face for all bi-directional HS test 
runs. 

 
Figure 3.40 Column moment-curvature relationship in transverse and longitudinal 

directions at 16 in. from the cap beam face for all bi-directional HS test 
runs. 
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Figure 3.41 Column moment-curvature relationship in transverse and longitudinal 

directions at 22 in. from the cap beam face for all bi-directional HS test 
runs. 

3.4.3.2 Transverse Direction Only Tests 

The moment-curvature relationships for the large-scale eight HS runs that applied the transverse 
direction only Rinaldi ground motion scaled at 125% through 200% in positive and negative 
directions are shown here (Figure 3.42 through Figure 3.46). Since the ground motion was 
applied only in the transverse direction, the moment-curvature in the transverse direction only is 
discussed. As above, the moment-curvature relationship is plotted at various sections along the 
column height to explore the extent of the hysteresis damage in the column; this was done 
because visual evidence was not possible because of the confining CFRP jacket. Five levels at 4, 
10, 16, 22, and 51 in. away from the cap beam face were used to generate the moment-curvature 
relationship in the transverse direction, as presented in Figure 3.42 to Figure 3.46, respectively. 

Note that the hysteresis damage was extensive at the largest measured moment and 
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details about the observed damage were presented earlier in Section 3.2. 

When the CFRP jacket was removed, only a uniform pattern of flexural cracks were 
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shown in Figure 3.42 through Figure 3.45; as shown in Figure 3.46, however, the column 
remained elastic at the mid-height, as previously observed from the strain values. 

 
Figure 3.42 Column moment-curvature relationship in the transverse direction at 4 in. 

from the cap beam face for the large-scale transverse direction only HS 
test runs. 

 
Figure 3.43 Column moment-curvature relationship in the transverse direction only at 

10 in. from the cap beam face for the large-scale transverse direction only 
HS test runs. 
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Figure 3.44 Column moment-curvature relationship in the transverse direction only at 

16 in. from the cap beam face for the large-scale transverse direction only 
HS test runs. 

 
Figure 3.45 Column moment-curvature relationship in the transverse direction only at 

22 in. from the cap beam face for the large-scale transverse direction only 
HS test runs. 
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Figure 3.46 Column moment-curvature relationship in the transverse direction at the 

column mid-height for the large-scale transverse direction only HS test 
runs. 

3.4.4 CFRP Jacket Strain 

The second specimen differed from the originally identical first specimen because of the CFRP 
retrofit of the column. One central response quantity of interest for column retrofitted using 
CFRP jacket is the confinement effectiveness due to the jacket. For this reason, several strain 
gages were installed around the circumference of the jacket at two levels 18 in. apart within the 
typical plastic-hinge length. The first level was at 2 in. from the cap beam face. Each level was 
instrumented with 12 strain gages, as shown in Figure 3.47.  

 
Figure 3.47 Layout of the CFRP jacket strain gages as related to the loading 

directions. 
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The confining strain history at the outermost east and west sides of the first 
instrumentation level of the CFRP jacket, designated as E-1 and W-1 in Figure 3.47, is shown for 
all 15 HS test runs in Figure 3.48. Similarly, the strain history at the north and south strain gages, 
designated as N-1 and S-1, is shown in Figure 3.49 for all HS test runs. The peaks observed in 
the confining strain history suggest that the jacket responded effectively to the loading when a 
larger confining strain developed at the compression side of the column relative to a certain 
loading direction. This is because as the increase in the compressive stress in one column side 
under combined axial and bending action might cause bar buckling, which was restrained by the 
concrete cover, that in turn was well-confined by the CFRP jacket. Thus, any desired expansion 
in the concrete cover is outweighed by the confining CFRP jacket as long as the jacket remains 
intact and effective. 

A similar observation can be better demonstrated if the strain profile at a certain time 
instant at a given section in the CFRP jacket is graphically presented. Kumar et al. [2014] 
provided a novel approach to plot the recorded strain values at a given time instant for all strain 
gages in a given instrumentation level. The same approach is used to produce polar profiles of 
the confining strain around the entire jacket circumference, as shown in Figure 3.50 to Figure 
3.52. Figure 3.50 shows the confining strain profiles from each of the 12 installed strain gages at 
the two instrumentation levels when the displacement amplitude was reached during the negative 
100% bi-directional test (ID 7); however, Figure 3.51 and Figure 3.52 show the strain profiles at 
the displacement amplitude of the positive 175% (ID 12) and 200% (ID 14) transverse direction 
only HS tests, respectively. Note that the confining strain was much less at the second 
instrumentation level, i.e., as expected, the confining strain decreased with the decrease of the 
moment and stress demands. The profiles also point in a certain direction where the maximum 
compressive stress developed. In the bi-directional tests, it is implied that concrete expansion 
took place at both of the transverse and longitudinal directions, whereas the maximum strain at 
concrete expansion was aligned with the uni-directional transverse direction loading tests. 
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Figure 3.48 Confining strain history in the CFRP jacket east and west sides for all HS 

test runs. 

 

 
Figure 3.49 Confining strain history in the CFRP jacket north and south sides for HS 

test runs. 
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Figure 3.50 CFRP jacket confining strain profile [%] at the instant of displacement 

amplitude due to the 100%-scale bi-directional HS test (ID 7) for the two 
instrumented levels. 

 
Figure 3.51 CFRP jacket confining strain profile [%] at the instant of displacement 

amplitude due to 175%-scale transverse direction only HS test (ID 12) for 
the two instrumented levels. 
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Figure 3.52 CFRP jacket confining strain profile [%] at the instant of displacement 

amplitude due to 200%-scale transverse direction only HS test (ID 14) for 
the two instrumented levels. 

3.5 BENT CAP LOCAL BEHAVIOR 
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beam behavior and the capacity of the cap beam and its mode of failure. Thus, the strain, 
moment, and curvature histories at both Sections B and D are discussed in this section. In 
addition, the moment-curvature relationship is presented where the cap beam moment capacity is 
estimated. 

3.5.1 Strain History 
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3.53 and Figure 3.54 show increased the strain values more significantly at Section D than 
Section B. Note that up to 2% strain was observed in the bent cap reinforcement in the tension 
side during the retrofitted Specimen No. 2 HS test runs, whereas only up to 1.3% strain was 
observed during the as-built Specimen No. 1 cyclic tests. This reflects the higher moment 
demands in the case of the HS tests of Specimen No. 2 compared to the cyclic tests of Specimen 
No. 1. 

Another way of looking at the measured strains in the cap beam is to plot it against the 
progressing lateral load. The maximum strain measured at Sections B and D is plotted against the 
lateral transverse force in Figure 3.55 and Figure 3.56, respectively. The strain evolving at zero 
lateral force corresponds to the strains resulting from the gravity load application, as illustrated 
in Figure 3.55 and Figure 3.56; note that the application of the 15% gravity load level on the 
already yielded cap beam increased the strains significantly. Figure 3.53 and Figure 3.54 also 
show that a jump in the strain took place at the start of each new HS test run. This was mainly 
attributed to the pulse-nature of the used Rinaldi ground motion where a large pulse was applied, 
causing the strain value to increase significantly, which was then followed by small cycles that 
followed an almost bilinear path as the loading progressed and reversed. 

 

 
Figure 3.53 Bent cap beam strain history at Section B due to all HS runs. 
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Figure 3.54 Bent cap beam strain history at Section D due to all HS runs. 

 

 
Figure 3.55 Global lateral force-strain relationship at Section B of the bent cap beam 

due to all HS runs. 
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Figure 3.56 Global lateral force-strain relationship at Section D of the bent cap beam 

due to all HS runs. 

 

3.5.2 Moment and Curvature History 

Although the strains are important to investigate partial section or localized behavior of the bent 
cap beam, the bending moments are more descriptive of the full bent cap section behavior. The 
bending moments in the bent cap beam were estimated using the calibrated end struts; see Part 1. 
The bent cap beam moment history at Sections B and D for all the HS test runs is shown in 
Figure 3.57. Much higher moments were observed in the bent cap beam in the HS test runs when 
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bending moment demands using higher gravity load level and the undertaken retrofit scheme; 
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zone concrete crushing, suggests that this moment value can be reasonably considered the overall 
bent cap beam capacity. The exact value of 6535 kip-in. was considered the experimentally-
determined bent cap beam flexural capacity. 

As standard practice in this study, the total bent cap beam moment combined from 
Sections B and D was compared to the column bending moment; see Figure 3.58. This verifies 
the results obtained from bent cap beam bending moments based on the observation that the box-
girder torsional stiffness in the cracked status after loading attracted small part of the moments 
applied to the superstructure through the column. In other words, almost the whole lateral 
transverse column moment was transferred as flexural moment to the bent cap beam only. 
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Figure 3.57 Bent cap beam moment history at Sections B and D for all HS runs. 
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Figure 3.58 Comparison of the total bent cap beam moment at both Sections B and D 

combined versus the column moment history. 
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Figure 3.59 Bent cap beam curvature history at Section B due to all HS runs. 

 
Figure 3.60 Bent cap beam curvature history at Section D due to all HS runs. 
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that the moment was capped at the bent cap capacity: about 6500 kip-in. The analytical nominal 
moment-curvature relationship obtained from a classical sectional analysis was shown together 
with the bent cap beam local behavior in Part 1. The sectional analysis performed based on the 
Caltrans SDC [2013] provisions shown that the bent cap beam capacity is 5024 kip-in.; however, 
the observed experimental value for the beam capacity of 6535 kip-in. demonstrates that the 
Caltrans provisions underestimate the bent cap capacity. 

This particular conclusion is an important outcome of this study. The design implications 
of the bent cap capacity underestimation are discussed along with the post-test analysis in 
Chapter 4. Note that the shown moment values in the moment-curvature relationships in Figure 
3.61 and Figure 3.62 are slightly different from the moment history previously shown in Figure 
3.57. This is because the moment values used in the moment-curvature relationships, unlike the 
exact moment values shown in the moment history plots, were approximately reproduced from 
the column moments. This difference is attributed to the curvature data being collected by the 
NEFF data acquisition system, while the strut forces used for moment calculations were 
collected at a totally different sampling rate at the PI. Only the global forces used in the column 
moment calculations were recorded by both data acquisition systems, thus enabling approximate 
reproduction of the bent cap moments at the curvatures sampling rate and plotting them together. 

 

 
Figure 3.61 Moment-curvature relationship for the bent cap beam at Section B for all 

the 15 HS bi-directional and transverse direction only test runs. 
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Figure 3.62 Moment-curvature relationship for the bent cap beam at Section D for all 

the 15 HS bi-directional and transverse direction only test runs. 

3.6 EFFECTIVE SLAB WIDTH 

Besides the bent cap beam capacity estimation, understanding the box-girder slab contribution to 
the bent cap and accurately quantifying the effective slab width is another important goal of this 
study. As mentioned before, the Caltrans SDC and AASHTO LRFD guidelines for seismic 
design require considering a flanged section with an effective slab width 12ts for the integral RC 
bent cap beams balanced stiffness check and seismic capacity check. The effective slab width, 
which is typically based on the equivalent strain block concept, was revisited in this study. 
Similar to what was performed in the case of the as-built Specimen No. 1 cyclic tests, the strain 
distribution in the bent cap beam reinforcement and the adjacent transverse slab reinforcement 
from both sides of the beam was determined for all retrofitted Specimen No. 2 HS test runs. 
Because only the strain distribution in the tension side was found to be more reliable and, 
therefore, was utilized in this study. Note that the compression side was found to be very 
sensitive to the concentrated gravity load applied through the column; see in Part I. The results 
from the tension side strain distribution and the revisited effective slab width from the HS tests 
are presented in this section. A brief discussion of the surface concrete strain gages is also 
included. 

The same procedure devised and used in Part I of this report to find the equivalent strain 
block and effective width was used again in this part of the study. The reader is referred to 
Figure 5.22 in Chapter 5 in the companion report for an overview of such procedure. To consider 
as many cases as possible from the full set of HS test runs, the strain distribution and effective 
width were investigated at both Sections B and D, and at nine positive and negative loading 
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levels. The chosen levels were the ascending sequence of the peak displacements in the positive 
and negative transverse loading directions, identified in Figure 3.63 in terms of the 
corresponding ductility levels. Table 3.2 summaries those nine positive and negative loading 
levels, where all the effective slab width results were produced along with the corresponding 
drift ratios and ductility levels. 

 

 
(a)

 
(b) 

Figure 3.63 (a) The main nine positive and negative displacement amplitudes; and (b) 
the corresponding ductility levels (bottom) used for investigating the 
effective slab width for retrofitted Specimen No. 2 tested using HS. 
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Table 3.2 Summary of the peak displacements of the HS test runs in the transverse 
direction and their corresponding drift ratios and ductility levels. 

Positive Transverse Loading Negative Transverse Loading 

Group 
ID 

Displacement 
(in.) 

Drift ratio 
(%) 

Ductility 
level (µ) 

Group 
ID 

Displacement 
(in.) 

Drift ratio 
(%) 

Ductility 
level (µ) 

I 1.83 2.0 1.47 I -2.12 -2.4 -1.70 

II 1.92 2.1 1.54 II -1.92 -2.1 -1.54 

III 1.99 2.2 1.59 III -2.01 -2.2 -1.61 

IV 1.22 1.4 0.98 IV -3.53 -3.9 -2.82 

V 4.49 5.0 3.59 V -5.40 -6.0 -4.32 

VI 5.01 5.6 4.00 VI -7.28 -8.1 -5.82 

VII 6.72 7.5 5.38 VII -7.94 -8.8 -6.35 

VIII 8.16 9.1 6.53 VIII -8.98 -10.0 -7.19 

IX 10.43 11.6 8.35 IX -8.02 -8.9 -6.41 

3.6.1 Strain Distribution 

The strain distributions at different sections across the bent cap and transverse slab reinforcement 
based on different strain gages readings were recorded continuously throughout all the HS test 
runs; however, only strain values acquired at the loading peaks, previously identified in Figure 
3.63 and summarized in Table 3.2, were considered. The strain distribution was compiled at 
Sections B and D and was related to the drift ratio and ductility level (µ). Note that the 
distributions and the effective width were mainly considered under transverse loading in the 
cyclic tests. However, several cases of the strain distribution and effective width estimated from 
the HS test runs were determined from the more realistic concurrent bi-directional loading. Thus, 
the results are presented for the bi-directional tests separately from the large-scale HS transverse 
direction only test runs. 

First, the strain distribution plots at Section B from the bi-directional tests and the 
transverse direction only tests are presented under subsections 3.6.1.1 and 3.6.1.2, respectively. 
Next, the results for Section D are shown for bi-directional and transverse direction only tests 
under subsections 3.6.1.3 and 3.6.1.4. Figure 3.64 and Figure 3.65 show the strain distribution in 
the tension side at Section B for the five different loading levels that corresponds to the bi-
directional tests at the positive and negative peaks, respectively. Note that the bi-directional tests 
at 50%-scale were repeated twice, with and without the P-delta correction. In addition, a small 
transverse direction only and longitudinal direction only tests were conducted at 50%-scale and 
still included under the bi-directional tests discussion for simplicity. Because of some impractical 
strain distributions obtained during the test, the results from the longitudinal direction only test 
were shortened., Thus, the five loading levels in this case corresponded to drift ratios of 2.0%, 
2.1%, 2.2%, 1.4%, and 50% at the positive peaks and 2.4%, 2.1%, 2.2%, 3.9%, and 6.0% at the 
negative peaks; see Table 3.2 for the equivalent ductility levels. 

As previously noted, a significant jump in the strain values at Section B was observed 
when the 15% gravity load was applied to the already yielded cap beam. Figure 3.66 and Figure 
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3.68 capture the jump in the strain distribution at Section B at the first big transverse direction 
only run for positive and negative peaks, respectively, when the 15% gravity load was applied. 
The immediate adjacent transverse bars in the north side of the bent cap beam experienced a 
similar behavior. The distribution for the four large-scale transverse direction only runs at the 
positive and negative amplitudes are shown in Figure 3.67 and Figure 3.69, respectively. 

Similar to the strain distribution shown at Section B, different loading levels and loading 
direction were considered to plot the strain distribution at Section D. Figure 3.70 and Figure 3.71 
show the distribution for the five bi-directional tests at the positive and negative peak, 
respectively. Figure 3.72 and Figure 3.74, respectively, capture the change in the distribution as 
the first large-scale positive and negative transverse direction only tests were conducted after the 
15% gravity load was applied. The overall strain distribution for all of the four positive and 
negative large-scale transverse direction only tests is shown in Figure 3.73 and Figure 3.75, 
respectively. Note that all plots in this subsection captured all the spatially extended distribution 
tails where the intercept at zero strain was determined as part of the effective slab width 
evaluation. 

3.6.1.1 Section B – Bi-Directional Runs 

 
Figure 3.64 Strain distribution in the tension side at Section B for all bi-directional HS 

test runs at the positive loading peak (expressed in terms of drift ratio 
and µ). 
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Figure 3.65 Strain distribution in the tension side at Section B for all bi-directional HS 

test runs at the negative loading peak (expressed in terms of drift ratio 
and µ). 

3.6.1.2 Section B – Transverse Direction Only Runs 

 
Figure 3.66 Strain distribution change at Section B due to the increased gravity load 

and at the first large-scale transverse direction only HS test run at 
positive loading peak. 
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Figure 3.67 Strain distribution in the tension side at Section B for the four large-scale 

transverse direction only HS test runs at the positive loading peak 
(expressed in terms of drift ratio and µ). 

 
Figure 3.68 Strain distribution change at Section B due to the increased gravity load 

and at the first large-scale transverse direction only HS test run at 
negative loading peak. 
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Figure 3.69 Strain distribution in the tension side at Section B for the four large-scale 

transverse direction only HS test runs at the negative loading peak 
(expressed in terms of drift ratio and µ). 

3.6.1.3 Section D – Bi-Directional Runs 

 
Figure 3.70 Strain distribution in the tension side at Section D for all bi-directional HS 

test runs at the positive loading peak (expressed in terms of drift ratio 
and µ). 
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Figure 3.71 Strain distribution in the tension side at Section D for all bi-directional HS 

test runs at the negative loading peak (expressed in terms of drift ratio 
and µ). 

3.6.1.4 Section D – Transverse Direction Only Runs 

 
Figure 3.72 Strain distribution change at Section D due to the increased gravity load 

and at the first large-scale transverse direction only HS test run at 
positive loading peak. 
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Figure 3.73 Strain distribution in the tension side at Section D for the four large-scale 

transverse direction only HS test runs at the positive loading peak 
(expressed in terms of drift ratio and µ). 

 
Figure 3.74 Strain distribution change at Section D due to the increased gravity load 

and at the first large-scale transverse direction only HS test run at 
negative loading peak. 
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Figure 3.75 Strain distribution in the tension side at Section B for the four large-scale 

transverse direction only HS test runs at the negative loading peak 
(expressed in terms of drift ratio and µ). 

 

3.6.2 Effective Slab Width Estimation 

As previously mentioned, the effective slab width was determined using the equivalent strain 
block concept and the simple procedure devised in Chapter 5 of the companion report. The strain 
distributions presented in the previous subsection were utilized here to estimate the effective slab 
width at Sections B and D at different loading levels and directions. Similar to the framework 
adopted, two values for the bent cap beam strain value were used to define the equivalent strain 
block (Beff). These are the minimum and the mean of the six instrumented rebars strain gage 
readings at a given cross section in the cap beam. 

3.6.2.1 Section B 

An example of how the strain block was determined using the strain distribution at Section B and 
using the minimum and mean cap beam strain values is shown in Figure 3.76. The total flange 
effective slab width, i.e., the equivalent strain block width Beff, was calculated for the different 
nine loading levels at the positive and negative amplitudes; see Figure 3.63 and Table 3.2. 
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(a)

 
(b) 

Figure 3.76 (a) An example of the equivalent strain block at Section B from a bi-
directional; and (b) a transverse direction only (bottom) HS test runs. 

A summary of the calculated Beff, as related to the drift ratios, at Section B using both cap 
beam minimum (εmin) and mean (εmean) strain values is shown in Figures 3.77 and 3.78 for the 
positive and negative amplitudes, respectively. The figures also show the Beff that was estimated 
in light of the Caltrans SDC provisions for the integral bent cap beam flanged section, which is 
referred to as a Caltrans value. The overall average of the nine positive and negative loading 
cases is summarized in Figure 3.79. 

Figure 3.79 shows that the effective width estimated at the negative loading amplitudes 
was less than that calculated at the positive loading amplitudes. Note that the overall average 
from all cases, shown as dashed lines in Figure 3.79, is higher than the Caltrans estimate. 
Moreover, the determined effective width could be related to the slab thickness (ts) and bent cap 
beam width (bbeam), as previously reported in the companion report, through a slab contribution 
constant (C), which quantifies the slab contribution as multiples of ts. However, this step was 
skipped here for brevity; in the next section, only the final overall mean value from all HS tests 
is related to ts. 

 

-100 -80 -60 -40 -20 0 20 40 60 80 100
0

1

2

3

4

5
x 10

-3

Effective Width Disribution [inch]

S
tr

a
in

 

 

 
Experimental Distribution

min Effective Width

mean Effective Width

Caltrans Effective Width
Cap Beam limits

-100 -80 -60 -40 -20 0 20 40 60 80 100
0

0.005

0.01

0.015

Effective Width Disribution [inch]

S
tr

a
in



98 

 

 
Figure 3.77 Summary of the estimated bent cap effective flange width at Section B 

from all HS test runs at nine positive loading peaks. 

 

 
Figure 3.78 Summary of the estimated bent cap effective flange width at Section B 

from all HS test runs at nine negative loading peaks. 
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Figure 3.79 Mean effective width from HS test runs from positive and negative loading 

(bar chart) and overall average effective width from all HS test runs 
(dashed lines) at Section B as compared to Caltrans SDC effective width 
value. 

 

3.6.2.2 Section D 

A similar framework as before is used to present the effective slab width results at Section D. 
One example of how the strain block was determined using the strain distribution at Section D 
using the minimum and mean cap beam strain values is shown in Figure 3.80 for typical bi-
directional and large-scale transverse direction only HS test runs. A summary of the calculated 
Beff at Section D using both cap beam minimum and mean strain values is shown in Figure 3.81 
and Figure 3.82 at all nine positive and negative amplitudes, respectively. Both figures express 
the loading level in terms of the drift ratios; the reader is referred to Table 3.2 for the 
corresponding displacement values or ductility levels. The Caltrans value for Beff is also shown in 
Figure 3.81 and Figure 3.82 for comparison. Figure 3.83 summarizes the average value of each 
of the positive and negative loading sets, and the overall average for all cases combined. As was 
determined for Section B, the estimated effective flange width using the mean strain for Section 
D was higher than the Caltrans value. Note that contrary to the results obtained for Section B, the 
average effective width from the positive loading cases was less than that from the negative 
loading at Section D. 
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Figure 3.80 An example of the equivalent strain block at Section D from a bi-

directional (top) and a transverse direction only (bottom) HS test runs. 

 

 
Figure 3.81 Summary of the estimated bent cap effective flange width at Section D 

from all HS test runs at nine positive loading peaks. 
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Figure 3.82 Summary of the estimated bent cap effective flange width at Section D 

from all HS test runs at nine negative loading peaks. 

 

 
Figure 3.83 Mean effective width from HS test runs from positive and negative loading 

(bar chart) and overall average effective width from all HS test runs 
(dashed lines) at Section D as compared to Caltrans SDC effective width 
value. 
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3.6.3 Concrete Surface Strain Distribution 

The strain distribution from the instrumented reinforcing steel bars in the bent cap beam tension 
side and its adjacent deck slab transverse reinforcement was found to be more accurate than the 
measurements in the compression side and those from the embedded and surface concrete gages 
see Part 1 for a history of the embedded concrete gages in the compression soffit slab side. Here, 
a sample of the surface concrete strain gages is shown for completeness. Figure 3.84 shows the 
strain history obtained from six different surface concrete gages, which were located close to 
Section B and distributed at the east and west sides of the column. The surface concrete gages 
captured the overall trend of the effective width despite the noisy measurement. This is implied 
in Figure 3.84 at level W-1 (closest to column and bent cap) versus W-2 and W-3 levels (which 
were farther from the column and cap beam). 

 
Figure 3.84 Strain history of six concrete surface gages at Section B for all HS test 

runs. 
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3.7 EFFECTIVENESS OF THE RETROFITTING TECHNIQUE 

Based on the experimental results obtained in both Part 1 and 2, the demands increased because 
of the undertaken retrofit. However, a formal comparison between the overall response of the as-
built Specimen No. 1 and the retrofitted Specimen No. 2 was not carried out. Thus, this section 
briefly compares the global force-displacement, the column and bent cap beam moment-
curvature, and the overall average value of the revisited effective flange width from the as-built 
Specimen No. 1 cyclic tests and the retrofitted Specimen No. 2 HS tests. This comparison aims 
at investigating the effectiveness of the retrofit and the CFRP jacket in amplifying the column 
capacity; see Figure 3.85 and Figure 3.86 that compare the global force-displacement and the 
column moment-curvature relationships in the transverse direction, respectively. Figure 3.87 
compares the bent cap beam moment-curvature at Section B for Specimen No. 1 and Specimen 
No. 2 tests. 

Note that the force capacity of the whole sub-assembly and the moment capacity of the 
column increased by almost 25% in Specimen No. 2 compared to Specimen No. 1 because of the 
enhanced column confinement due to the CFRP jacket; however, the moment in the cap beam at 
Section B of Specimen No. 1 was capped at approximately 4500 kip-in in the cyclic test because 
the column reached its flexural capacity and no further demands were transferred to the cap 
beam. In the HS tests of Specimen No. 2, the demands on the cap beam increased significantly 
due to the amplified moment from the column and the 15% gravity load used in these runs 
relative to the 10% in the cyclic tests of Specimen No. 1. The moment in the cap beam was 
capped again but at about 6500 kip-in. because either the column or the cap beam had reached 
capacity. Visual evidence of the cap beam concrete crushing in compression suggests that it was 
the cap beam that reached its capacity. The observed damage at the end of Specimen No. 1 and 
Specimen No. 2 tests is shown side-by-side in Figure 3.88. Therefore, it is concluded that the 
CFRP jacket and retrofit effectively increased the column and the overall system capacity. Worth 
emphasizing is that the associated increase in the cap beam demands might not be favorable if its 
capacity is underestimated during the design phase because the failure can migrate to the bent 
cap. 
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Figure 3.85 Comparison of the global force-displacement relationship in the 

transverse direction from the as-built Specimen No. 1 cyclic tests and the 
retrofitted Specimen No. 2 HS tests. 

 

 

 
Figure 3.86 Comparison of the column moment-curvature relationship in the 

transverse direction from the as-built Specimen No. 1 cyclic tests and the 
retrofitted Specimen No. 2 HS tests. 
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Figure 3.87 Comparison of the bent cap moment-curvature relationship at Section B 

from the as-built Specimen No. 1 cyclic tests and the retrofitted Specimen 
No. 2 HS tests. 

 

For completeness, the effective slab width determined experimentally from both the as-
built Specimen No. 1 cyclic tests and the retrofitted Specimen No. 2 HS tests is compared. As 
previously discussed, the area under the strain distribution was computed and transformed to an 
equivalent strain block with an effective width where two strain values were used; namely, the 
minimum and the mean strain among the used six gages at a given cross section in the cap beam 
reinforcement. A summary of the mean effective flange width Beff, which includes the cap beam 
width from Specimen No. 1 cyclic tests and Specimen No. 2 HS tests along with the overall 
average value from all tests, is shown in Figure 3.89 and compared to the Caltrans SDC [2013] 
value. Note that the estimated Beff values from the experiments were significantly higher and 
slightly higher than the Caltrans SDC value when the minimum and the mean cap beam strain 
was used, respectively. In addition, the effective width determined from the cyclic tests was 
relatively higher than that from the HS tests. When related to the slab thickness (ts), the mean 
effective slab contribution (some of the slab potion to both sides of the cap beam width) from the 
tests ranged from approximately 13ts to 19ts, compared to the 12ts code value, as shown in Figure 
3.89. Accordingly, a recommended value of 18ts is proposed to better reflect the box-girder slab 
contribution to the width of the integral bent cap beam. Sectional analysis and design 
implications based on the revisited effective slab width value are presented in detail in Chapter 4, 
along with post-test analysis. 
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Figure 3.88 Column plastic hinge damage after Specimen No. 1 cyclic tests and cap 

beam concrete crushing and column flexural cracks (observed after CFRP 
jacket removal) after Specimen No. 2 HS tests. 

 

 

 
Figure 3.89 Average values for the effective flange width to be added to the cap beam 

width from the as-built Specimen No. 1 cyclic tests and the retrofitted 
Specimen No. 2 HS tests and overall mean value from all tests when the 
cap beam minimum and mean strain values were used. 
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4 Post-Test Analysis 

Finite-element post-test analyses and conventional sectional analyses were conducted to further 
investigate the bent cap capacity with focus on design optimization. The FE model was first 
calibrated against Specimen No. 1 cyclic test results. Next, FE analysis was used to determine 
the cap beam capacity from two hypothetical designs having less reinforcement than what the 
original design required. The sectional analysis determined the nominal cap beam capacity using 
two values for the slab effective width with or without including the slab tensile reinforcement 
within that effective width. Next, the sectional analysis tool was used to investigate the design 
implications at the full prototype bridge level. To study the design implications of the revisited 
effective slab width value and the significance of including the slab transverse reinforcement, the 
Caltrans Academy Bridge was utilized to check the design of the integral bent cap beam that 
corresponds to three different column designs. This chapter presents (1) the DIANA test 
specimen model calibration; (2) hypothetical cap beam design FE analysis investigation; (3) test 
specimen cap beam sectional analysis; and (4) the design implications at the full-scale prototype 
bridge level. 

4.1 DIANA MODEL CALIBRATION 

The detailed 3D DIANA [2014] brick-element model of the test specimen previously used in the 
pre-test analysis was calibrated against the as-built Specimen No. 1 cyclic tests. Parameters were 
varied to understand the effect of each of these parameters on the specimen model response to 
determine the best set of parameters for the most accurate match with the experimental test 
results. First, the effect of the components of the analysis input cyclic load pattern; the transverse 
direction only versus the bi-directional loading schemes used in the experiments, was explored. 
Next, the effect of the gravity load was investigated. The effect of each of the concrete total 
strain-based crack model input parameters was briefly investigated as well. For better calibration, 
a different set of material model parameters for the column and the box-girder was used to 
recognize the actual difference in the concrete lifts used in the construction.  

All the analyses conducted throughout this stage of the model calibration were nonlinear 
quasi-static analysis under prescribed cyclic loading patterns that mimicked the experiments of 
the as-built Specimen No. 1. Two cases for the prescribed displacement input were used in the 
analysis and adopted from Specimen No. 1 cyclic loading patterns. The first is a bi-directional 
loading pattern that applied the prescribed displacement input at the column head in the 
transverse and the longitudinal directions separately, i.e., in a cross orbit where loading is applied 
in one direction at a time. A shorter input signal was used as well, which applied only the 
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transverse component of the cyclic loading pattern. The bi-directional and transverse direction 
only cyclic loading pattern used for the different DIANA post-test analyses are shown in Figure 
4.1 and Figure 4.2, respectively. 

The analysis results from two different cases conducted under the bi-directional and 
transverse direction only cyclic load input are compared and presented next. Note that because at 
least 16 analysis cases—see Section 4.2 —were performed, the transverse direction only input 
was the one used to study the effect of the material model parameters. A more complex bi-
directional input would have been computationally expensive with limited benefit to this 
particular parametric study. 

 
Figure 4.1 Bi-directional cyclic loading pattern adopted from Specimen No. 1 

experiments and used for part of the DIANA post-test analysis. 

 
Figure 4.2 Transverse direction only cyclic loading pattern adopted from Specimen 

No. 1 experiments and used for part of the DIANA post-test analysis. 
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4.1.1 Transverse versus Bi-Directional Input 

In order to conduct larger number of parametric studies, a shorter input signal was adopted only 
in the transverse direction for computational efficiency. Thus, it was desired to check first how 
much the overall response may differ if the loading and consequent damage in the longitudinal 
direction is not considered. The bi-directional and transverse direction only input displacement 
patterns were applied to a preliminary model, which used one set of material model parameters 
for the FE model. This set was adopted from the mean material properties determined from the 
material tests. A constant gravity load that is equivalent to 10% of the column axial capacity was 
applied first in both cases. The obtained force-displacement relationships from the two cases are 
compared in Figure 4.3, where it is noted that the hysteresis behavior is different. In addition, 
larger force values were observed when the transverse direction only input was used. This is 
attributed to the effect of the inelastic behavior of the box-girder, which introduced some damage 
when loading and included application of cycles in the longitudinal direction in addition to the 
transverse direction. When only a transverse input was used, all the damage occurred in the 
column in the vertical plane, which includes the longitudinal axis of the bent cap beam leading to 
higher transverse force capacity. It can be concluded that incorporating the longitudinal 
component of loading is necessary for accurate model calibration. However, using the transverse 
direction only signal can be used as a simplified approach to explore the sensitivity of the overall 
response to the material input parameters as discussed in Section 4.1.3. 

 

 
(a) (b)

Figure 4.3 Force-displacement relationship in the transverse direction when an (a) 
bi-directional or (b) transverse direction only cyclic loading pattern was 
used. 
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4.1.2 Effect of Gravity 

The total vertical reaction at the two roller supports at the ends of the bent cap beam in the 
DIANA model was compared to the applied total gravity load, because vertical reactions were 
key in estimating the cap beam moment capacity for further analyses. The DIANA analysis 
determined that the ratio of the total reaction from the vertical roller supports to the applied 
gravity load was found to be about 80%. However, the experimentally measured value for the 
total reaction from the calibrated struts to the applied gravity load was in the vicinity of 70% for 
both Specimen No. 1 cyclic tests and Specimen No. 2 HS tests, implying that the FE solution 
distributed the gravity load based on a stiffer bent cap beam, which is attributed to the full 
vertical restraints at its ends. Modeling the end conditions of the bent cap beam using vertical 
springs was considered, but or simplicity, instead of using springs, the gravity load was adjusted 
in the FE analysis such that the bending moments that developed in the bent cap beam matched 
the values observed from the experiments. 

A value of 8% gravity load produced comparable bending moments in the bent cap beam 
to those obtained under the 10% gravity load from the experiments. Note that applying the 
gravity before any lateral loading did not incorporate any inelastic behavior in the model; thus, 
the nonlinear material model parameters did not need to be calibrated for this part of the analysis. 
However, it was beneficial to check whether the slightly relieved axial load in the analysis would 
affect column behavior. Accordingly, a nonlinear analysis using the bi-directional cyclic load 
input was conducted with the 10% gravity and without any gravity load, with the goal of 
exploring system behavior in the extreme case without any gravity load. Figure 4.4 and Figure 
4.5 show the force-displacement relationship comparisons with and without including the gravity 
load in both the transverse and longitudinal directions, respectively. The figures show that the 
overall response and force capacity was comparable in both cases. The main difference was the 
response in the last group of cycles, where a drop in the capacity occurs because of more damage 
in the bent cap as a result of the additional moment from the gravity load. Applying the 8% 
gravity load showed a similar response under the last group of cycles to the case of the 10% 
gravity, as seen in the final calibrated model results presented below. Thus, it was concluded that 
reducing the gravity load to 8% for the post-test analysis to better match the bent cap beam 
moment demands should not affect the overall behavior and is a reasonable approximation. 
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Figure 4.4 Force-displacement relationship in the transverse direction with and 

without the constant gravity load. 

 

 
Figure 4.5 Force-displacement relationship in the longitudinal direction with and 

without the constant gravity load. 
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4.1.3 Effect of Model Parameters 

To facilitate deciding on the best set of material parameters, each of the concrete total crack 
strain model parameters: Young’s modulus (Ec), compressive strength (fc), tensile strength (ft), 
fracture energy (Gf), stress increase due to confinement, and reduction due to lateral cracking 
was varied one at a time using input from the material tests. The mean values from the material 
tests for all three concrete lifts were used for the total strain crack model parameters. 
Additionally, each parameter was varied one a time using the mean value, 50% less than the 
mean value, and 50% higher than the mean value. This variation used this range of a 50% 
difference to investigate the relative effect of changing such material parameters on the overall 
response of the specimen model rather than for calibration purposes. The transverse direction 
only cyclic loading pattern was used for a computationally inexpensive study. 

The force-displacement relationship due to the transverse direction only cyclic loading 
was compared when each of the previously mentioned parameters was varied. Figure 4.6 shows 
the effect on the global response due to varying the concrete Young’s modulus (Ec) within 50% 
less or higher than the mean value. Similarly, the overall force-displacement response due to the 
compressive strength (fc), tensile strength (ft), and fracture energy (Gf) variation is shown in 
Figure 4.7 to Figure 4.9, respectively. Additionally, the total crack strain model in DIANA offers 
some other modifications to the constitutive model to account for other phenomena, such as 
compressive strength increase due to confinement and the Vecchio and Collins [1993] 
relationship for lateral crack reduction. The effect of these two modifications was investigated as 
well. Figure 4.10 and Figure 4.11, respectively, show the force-displacement relationships when 
the confinement and crack reduction modifications were either incorporated or not; one 
parameter at a time. 

 

 
Figure 4.6 Force-displacement relationships for different Young’s modulus (Ec) 

values. 
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Figure 4.7 Force-displacement relationships for different compressive strength (fc) 

values. 

 
Figure 4.8 Force-displacement relationships for different tensile strength (ft) values. 

 
Figure 4.9 Force-displacement relationships for different fracture energy (Gf) values 
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Figure 4.10 Force-displacement relationships when the stress increase due to the 

confinement option is either incorporated or not in the model. 

 
Figure 4.11 Force-displacement relationships when the reduction due to lateral 

cracking (as defined by Vecchio and Collins [1993]) is either incorporated 
or not in the model. 

In general, it can be observed from Figure 4.6 through Figure 4.11 that none of the 
material model parameters significantly changed the response, the force capacity, or the mode of 
failure. The parameter that showed a relatively sizable change in the force capacity when it was 
not incorporated is the Vecchio and Collins [1993] crack reduction, and to a lesser extent the 
confinement option. Thus, it was concluded that the crack reduction modification always needs 
to be incorporated for a better capacity capping behavior to best match the experimental results. 
Interestingly contradicting what was expected, it was shown that using only one set of material 
properties for the entire model, i.e., for the column, cap beam, and box-girder, did not reflect the 
natural difference in the concrete properties from the different lifts as varying the compressive 
strength, for instance, did not affect the response significantly. Therefore, using two different 
sets of material parameters; one for the column and the other for the box-girder and cap beam 
were decided for the next phase of exploring the different ways of calibrating the model. The 
discussion from three different models that used different combinations of sets of material 
parameters is presented next. 
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4.1.4 Elastic Column versus Elastic Superstructure 

An investigation of whether varying the set of material input parameters for the column from the 
superstructure affects the response was conducted. This was mainly done to recognize the natural 
difference in the concrete lifts used during to the different stages of construction. The first lift 
included only the specimen seat beams and the deck slab, while the second lift included the rest 
of the box-girder and bent cap beam. Thus, a set of material properties from the second lift was a 
better candidate for the superstructure concrete model. Finally, the third lift was only for the 
column; accordingly, the material input for the column constitutive model should be based on the 
third lift material test results. 

To study the effect of the variation in the column material model from the superstructure 
one, three different DIANA models were utilized. The first model used the mean values from the 
second concrete lift material tests for defining the superstructure model parameters, whereas the 
third lift tests were used for the column material input. The second and third models represented 
the two extreme cases: (1) the column or the superstructure is entirely linear elastic and (2) 
damage and inelasticity are limited to the counterpart of the elastic one. Thus, the second model 
used an elastic concrete model for the superstructure, and the column concrete model properties 
were based on the third concrete lift material tests. The third model used the second concrete lift 
material tests to define the superstructure material input, while an elastic model was used for the 
column. The three different models are designated as models A, B, and C, respectively. 

The force-displacement relationships in both the transverse and longitudinal directions 
for the three models are compared in Figure 4.12 and Figure 4.13, respectively. The elastic 
superstructure case, model B, is shown in the left side of the figures, whereas the case of the 
elastic column, model C, is shown in the right side of the figures. The full inelastic model with 
different material properties for column and superstructure, model A, is shown in the middle part 
of the figures. Clearly, model A represents a transition between the other two extreme cases in 
terms of the mode of failure and overall system response. A much wider hysteresis and energy 
dissipation occurred when all the damage was concentrated in the inelastic column of model B. 
In contrast, a narrower hysteresis, less energy dissipation mechanism, and severe pinching 
around the zero force value during the unloading were observed when the damage was only 
concentrated in the superstructure of model C. The response of the full inelastic model with two 
different sets of material properties was somewhere in-between the two extreme cases of models 
B and C. This observation was valid for the behavior in both the transverse and longitudinal 
directions 

Two main conclusions can be drawn:  (1) the column mode of failure is much more 
ductile than the superstructure mode of failure, which agrees with the seismic capacity design 
approach where the superstructure is capacity protected to remain essentially elastic; and (2) the 
observed experimental response showed a ductile behavior that is, in a generic sense, closer to 
model B behavior than model C. Therefore, an informed calibration procedure would to push the 
column properties to the lower bound of the material test values, whereas the superstructure 
material model is better to adopt the upper bound that approaches the elastic behavior. The two 
sets of material parameters were adjusted accordingly, and the results were found to be 
reasonably comparable to the experimental results. 
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(a) (b) (c) 

Figure 4.12 Force-displacement relationships in the transverse direction for (b) the 
fully inelastic model A; (a) the elastic superstructure model B; and (c) the 
elastic column model C (right). 

 
(a) (b) (c) 

Figure 4.13 Force-displacement relationships in the longitudinal direction for (b) the 
fully inelastic model A; (a) the elastic superstructure model B; and (c) the 
elastic column model C. 

4.1.5 Final Calibrated Model 

The final calibrated model that reasonably matched the experimental results was based on using 
two different sets of parameters as previously mentioned: one for the column and the other for 
the bent cap beam and box-girder. This was intended to reflect the different concrete properties 
of the lifts used to construct the column and superstructure. Accordingly, the input for the 
column concrete was based on the lower bound values of the third concrete lift material tests. 
The superstructure, i.e., the bent cap beam and the box-girder, material input was based on the 
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upper bound of the second concrete lift material test results. Selected results for the global and 
local behavior from the final calibrated model and relevant comparisons with the experiment 
results are presented below. 

4.1.5.1 Global Behavior 

The force-displacement relationships obtained from the final calibrated model in both the 
transverse and longitudinal directions are shown in Figure 4.14 and Figure 4.15, respectively. 
The response from the calibrated model is compared to the corresponding experimental response 
from Specimen No. 1 cyclic loading tests in the same figures. Additionally, the bent cap beam 
moment history, recorded at Section B, from the calibrated model analysis and the experiments 
were compared and shown in Figure 4.16. Note that the calibrated FE model reasonably captured 
the force capacity in both the transverse and longitudinal directions, and the maximum cap beam 
moment observed during the test with less than 5% difference. The calibrated model provides 
confidence for further research in investigating cap beam capacity and other design implications. 

 
Figure 4.14 Force-displacement relationship in the transverse direction from 

Specimen No. 1 cyclic tests and the final calibrated DIANA FE model. 
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Figure 4.15 Force-displacement relationship in the longitudinal direction from 

Specimen No. 1 cyclic tests and the final calibrated DIANA FE model. 

 

 
Figure 4.16 Bent cap beam moment history at Section B from Specimen No. 1 cyclic 

test and the final calibrated DIANA FE model. 
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4.1.5.2 Local Behavior 

To complement the global behavior discussion, the calibrated model was used to investigate 
several local behavior response quantities as well. Figure 4.17 shows a view from FX+, the 
DIANA pre- and post-processor, for the crack pattern in the vicinity of the column and bent cap 
beam as the bi-directional loading progressed. The embedded reinforcement strains were 
recorded from the analysis; a sample of the strain history due to all the loading cycles at Sections 
B and D of one of the bent cap embedded reinforcing bars is shown in Figure 4.18. The same 
strain history from the FE model at Section B is compared to that from the experiments in Figure 
4.19. Although the strain values are somewhat different, the model captured the strain evolution 
as loading progressed in a reasonable manner.  

The strain values from the DIANA analysis, as is the case of other local response 
quantities, are very sensitive to the nonlinear FE solution. Thus, no main conclusions can be 
drawn based on the FE local behavior; only major observations or trends are noted. Accordingly, 
the strain distribution was obtained from the analysis and was reordered at the peaks of the 
different loading cycles to check how accurately the model captures local behavior. The strain 
distribution at four small loading levels corresponding to drift ratios of 0.4%, 0.8%, 1.4%, and 
2.7% and equivalent to ductility levels 0.28µ, 0.56µ, 1.0µ, and 1.96µ, respectively, is shown in 
Figure 4.20 and Figure 4.21 for Sections B and D, respectively. In addition, Figure 4.22 and 
Figure 4.23 show the strain distribution for larger loading levels at drift ratios of 3.9%, 5.3%, 
7.6%, and 10.5% at Sections B and D, respectively. Note that while the bent cap beam and the 
box-girder remained elastic at the lower load levels, a uniform bell-shaped strain distribution 
occurs. At the higher load levels, a nonlinear non-uniform distribution was observed, which was 
still reasonable enough when compared to one of the strain distributions obtained 
experimentally. The local strain distribution was obtained for completeness and to explore the 
capabilities and accuracy of the analysis rather than using it for arriving at any conclusion 
regarding the effective flange width. However, the results show great potential for further 
enhancements of the model to capture the local behavior even more accurately. 

 
Figure 4.17 Overview of the crack pattern in the vicinity of the column and bent cap 

beam as observed from the DIANA calibrated model after the bi-
directional cyclic load was applied. 
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Figure 4.18 Strain history at one of the bent cap reinforcing bars at Sections B and D 

obtained from the calibrated FE model for all the loading cycles. 

 
Figure 4.19 Comparison of the strain history at one of the bent cap reinforcing bars in 

the tension side at Section B from Specimen No. 1 cyclic tests and the 
calibrated FE model. 
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Figure 4.20 Strain distribution at Section B for four different small loading levels as 

obtained from the calibrated FE model. 

 
Figure 4.21 Strain distribution at Section D for four different small loading levels as 

obtained from the calibrated FE model. 

-60 -40 -20 0 20 40 60
0

1

2

3

4
x 10

-4

Effective Width Disribution [inch]

S
tr

a
in

 

 
Drift = 0.4 % (   = 0.28)

Drift = 0.8 % (   = 0.56)

Drift = 1.4 % (   = 1.00)

Drift = 2.7 % (   = 1.96)
Cap Beam limits

-60 -40 -20 0 20 40 60
0

1

2

3

4
x 10

-4

Effective Width Disribution [inch]

S
tr

a
in

 

 
Drift = 0.4 % (   = 0.28)

Drift = 0.8 % (   = 0.56)

Drift = 1.4 % (   = 1.00)

Drift = 2.7 % (   = 1.96)
Cap Beam limits



122 

 
Figure 4.22 Strain distribution at Section B for four different large loading levels as 

obtained from the calibrated FE model. 

 
Figure 4.23 Strain distribution at Section D for four different large loading levels as 

obtained from the calibrated FE model. 
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4.2 FINITE ELEMENT ANALYSIS FOR DIFFERENT BENT CAP DESIGNS 

The calibrated sets of material input parameters in the DIANA FE 3D model for the test 
specimen were used to investigate the bent cap capacity in case of the original specimen design 
and two other hypothetical designs. The main objective of this part of the study is to complement 
the experimental program through determining the bent cap beam capacity and the contribution 
of the box-girder to the overall system capacity by comparing different cases of the bent cap 
designs. In this section, less reinforcement in the bent cap was used to form two hypothetical 
cases of under reinforced bent cap beams to investigate whether the contribution from the box-
girder to the system capacity is affected by the bent cap contribution or design. For this reason, 
the test specimen bent cap original 8 #5 top and bottom reinforcement were replaced with 8 #4 
top and bottom reinforcement for the first hypothetical design, and 8 #3 top and bottom 
reinforcement for the second hypothetical design. For simplicity, the three designs are designated 
as original design (8 #5), design 1 (8 #4), and design 2 (8 #3). 

The objective of this analysis is to determine the bent cap beam capacity rather than 
actual system response, given that the exact system response has been already identified from 
both experimentally and through FE analysis. Here, we investigate limiting the mode of failure to 
concentrate the damage only in the bent cap beam. Accordingly, the calibrated set of material 
parameters for the superstructure, i.e., the bent cap and the box-girder, was used along with an 
elastic concrete model for the column, amplifying the demand on the bent cap beam until the 
capacity is reached. Three different types of analysis were used to determine the bent cap beam 
capacity. These are nonlinear quasi-static analysis using the bi-directional cyclic loading pattern, 
vertical pushover analysis, and lateral pushover analysis. Additionally, the full inelastic 
calibrated model was used to compare the system response from the three designs regardless of 
whether the cap beam reaches its capacity or not. 

4.2.1 Inelastic Model: Cyclic Loading 

The final calibrated inelastic DIANA FE model for the test specimen that used two sets of 
material parameters for the column and the superstructure was further utilized to investigate the 
overall response when the bent cap beam reinforcement is changed. The three different bent cap 
designs previously-mentioned were adopted in the inelastic FE model, which was analyzed for 
three cases under constant gravity load and bi-directional cyclic loading. The obtained force-
displacement relationships in the transverse and longitudinal directions from the three designs 
are compared in Figure 4.24 and Figure 4.25, respectively. The bent cap beam moment history at 
Section B is compared for the different cases as well in Figure 4.26. 

The overall response illustrated in the force-displacement relationships denotes that the 
system capacity was essentially unchanged irrespective of the bent cap reinforcement as the 
model of mode of failure and the system capacity was governed by the column rather than the 
bent cap or box-girder. As observed in Specimen No. 1 cyclic tests, this confirms the observation 
that the bent cap beam remained essentially elastic as required by the adopted Caltrans and 
AASHTO capacity design provisions. The moment history shown in Figure 4.26 indicates that 
similar demand, dictated by the moment capacity, was transferred to the bent cap beam in the 
three reinforcement designs. These results show that in a successful capacity design approach, 
only the minimum amount of reinforcing steel is needed in the bent cap beam as long as it is 
guaranteed that only the column attracts all the damage in case of extreme events. In other 
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words, if the bent cap capacity is accurately estimated, unnecessary additional bent cap 
reinforcement can be avoided in the capacity check, and the bent cap design can be optimized 
accordingly. More details are discussed in the design implications section. 

 

 
(a) (b) (c) 

Figure 4.24 Force-displacement relationships in the transverse direction from the 
calibrated inelastic FE model for three bent cap cases: (a) 8 #5 top and 
bottom of original design; (b) 8 #4 top and bottom design 1; and (c) 8 #3 
top and bottom design 2. 

 

 
(a) (b) (c) 

Figure 4.25 Force-displacement relationships in the longitudinal direction from the 
calibrated inelastic FE model for three bent cap cases: (a) 8 #5 top and 
bottom original design; (b) 8 #4 top and bottom design 1; and (c) 8 #3 top 
and bottom design 2. 
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(a) 

 
(b) 

 
(c)

Figure 4.26 Bent cap beam moment history at Section B from the calibrated inelastic 
FE model for three cases: (a) 8 #5 top and bottom original design; (b) 8 #4 
top and bottom design 1; and (c) 8 #3 top and bottom design 2. 
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of a column retrofit to the extent it migrates all the damage to the bent cap beam. Thus, providing 
an accurate way of estimating the bent cap beam capacity is very beneficial for the seismic 
capacity design check and for designing informed retrofit strategies. 

Here, the final calibrated FE model was modified such that the column used an elastic 
concrete material model, but the reinforcing bars were still modeled using Von Mises plasticity 
along with the Voce hardening previously discussed in Chapter 4, Part 1. A bi-directional cyclic 
loading under constant gravity was applied for the three cases of bent cap reinforcement. Figure 
4.27 and Figure 4.28 compare the force-displacement relationships for those bent cap designs 
from the elastic column model in the transverse and longitudinal directions, respectively; Figure 
4.29 shows the bent cap moment history at Section B for the different cases. 

 
(a) (b) (c) 

Figure 4.27 Force-displacement relationships in the transverse direction from the 
elastic column FE model for three bent cap cases: (a) 8 #5, (b) 8 #4, and 
(c) 8 #3. 

 
(a) (b) (c) 

Figure 4.28 Force-displacement relationships in the longitudinal direction from the 
elastic column FE model for three bent cap cases: (a) 8 #5, (b) 8 #4, and 
(c) 8 #3. 
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(a)

 
(b) 

 
(c) 

Figure 4.29 Bent cap beam moment history at Section B from the elastic column FE 
model for three cases: (a) 8 #5 top and bottom original design; (b) 8 #4 
top and bottom design 1; and (c) 8 #3 top and bottom design 2. 
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The figures show that the overall system capacity was slightly increased when the mode 
of failure is governed by the bent cap capacity rather than the column. The hysteresis behavior is 
also different from the ductile column hysteresis as discussed previously. As expected, the bent 
cap capacity and the overall system capacity in turn was shown to vary as the cap beam design 
changed. However, the surprising observation is that such variation in the capacity is considered 
minor with respect to the major change in the bent cap reinforcement. The cap beam moment 
capacity, identified in Figure 4.29, was found to be 5158 kip-in., 4953 kip-in., and 4710 kip-in. 
for the case of 8 #5, 8 #4, and 8 #3 top and bottom bent cap reinforcement, respectively. These 
numbers indicate a maximum drop of 8.7% in the capacity versus an expected drop of almost 
63% in capacity if the standard Caltrans provisions are adopted for capacity estimation while 
excluding slab reinforcement. The significance of these numbers are discussed in Section 4.4. 
However, the main conclusion that can be drawn from this part of the FE analysis is that there is 
significant redundancy and force redistribution in the box-girder as the damage and failure of the 
bent cap progresses. Vertical and lateral pushover analyses were conducted as well to verify if 
the same conclusion still holds irrespective of the loading type. 

4.2.3 Vertical Pushover Elastic Column 

An elastic concrete model for the column and the calibrated set of material properties for the 
superstructure inelastic constitutive total strain crack model was used with the three different 
bent cap designs to carry out a vertical pushover analysis to determine the capacity of the bent 
cap beam and the whole bridge sub-assemblage. The vertical pushover in the given test specimen 
configuration acted on both of the bent cap beam and the longitudinal box-girder. The vertical 
pushover curve for the three bent cap designs in addition to the developed bending moment at the 
bent cap at Section B are shown in Figure 4.30 and Figure 4.31, respectively. The vertical force 
capacity of the whole system was determined in the three bent cap design cases. Only a slight 
difference in the capacity, which was reached as soon as the inelastic damage started, was 
observed at the beginning. However, as the pushover analysis continued, the damage spread and 
the less reinforcement in the bent cap, the more loss of capacity was observed. The moments in 
the cap beam in the three cases reached comparable peak value, which was again within 10% 
difference before severe damage started. 
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Figure 4.30 Vertical pushover force-displacement curve from the elastic column FE 

model for three bent cap cases: 8 #5, 8 #4, and 8 #3 top and bottom (T&B) 
reinforcement. 

 

 
Figure 4.31 Bent cap beam moment history at Section B due to vertical pushover for 

three bent cap cases: 8 #5, 8 #4, and 8 #3 top and bottom (T&B) 
reinforcement. 
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The main conclusion from the vertical pushover analysis is the higher moment and 
system overall capacity that was observed relative to the cyclic loading case. For example, for 
the case of the original design of 8 #5 top and bottom reinforcement in the bent cap beam, a 
moment capacity of 5158 kip-in. was obtained from the cyclic loading versus a 6794 kip-in. from 
the vertical pushover. This can be explained in light of the resulting moment distribution along 
the bent cap due to the different cases of loading; see Figure 5.52 in Chapter 5 in Part I. In case 
of vertical pushover, the mode of failure is symmetric two plastic hinges in the two Sections B 
and D simultaneously. However, the mode of failure due to lateral loading depends on the 
loading direction; hence, only one plastic hinge at either Section B or D is developed. The 
realistic moment distribution that considers the actual column and cap beam cross sections 
suggests that the critical section where the plastic hinge develops is a larger cross section, which 
involves partial contribution from the column when two plastic hinges are formed under vertical 
concentrated load. Therefore, a higher moment capacity was obtained from the vertical pushover. 
Note that the experimental value for the beam capacity from Specimen No. 2 HS tests was 
reached as a result of the amplified moment demands from the column along with a 15% gravity 
load (240 kips). Although the high concentrated gravity load was not enough to fail the bent cap, 
it suggests that the bent cap beam capacity and the box-girder contribution are significantly 
influenced by the gravity load. 

4.2.4 Lateral Pushover Elastic Column 

A lateral pushover analysis in the transverse direction only under constant gravity load was 
conducted for the three different bent cap designs using the same model utilized previously for 
the vertical pushover and cyclic loading. Figure 4.32 and Figure 4.33 show the lateral transverse 
pushover curves and the corresponding bent cap bending moments at Section B, respectively. 
This analysis case emphasizes the fact that although the column is elastic and the capacity is 
dictated by the bent cap beam, close values for the moment capacity were obtained for the 
different bent cap designs. Once again this implies that there is a large force redistribution and 
redundancy because of the box-girder contribution. 
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Figure 4.32 Lateral pushover force-displacement curve from the elastic column FE 

model for three bent cap cases: 8 #5, 8 #4, and 8 #3 top and bottom (T&B) 
reinforcement. 

 

 
Figure 4.33 Bent cap beam moment history at Section B due to lateral pushover for 

three bent cap cases: 8 #5, 8 #4, and 8 #3 top and bottom (T&B) 
reinforcement. 
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4.2.5 Summary of Bent Cap Capacity 

The previous subsections aimed at providing the overall system force-displacement relationships 
along with the developed moment in the bent cap beam. Next, the cap beam moment capacity 
from the three designs for the different cases that involved elastic column along with the 
maximum observed moment from the fully nonlinear calibrated model are summarized and 
presented in Table 4.1. A better comparison of the different values for the bent cap capacities 
from different cases of loading can be achieved in light of the analytical estimation of the bent 
cap capacity using conventional sectional analysis. The next section focuses on such sectional 
analysis of the bent cap beam different designs. 

To recap the values listed in Table 4.1. (1) the moment values from the as-built Specimen 
No. 1 were capped due to reaching column capacity, whereas the capped bent cap beam 
moments in the retrofitted Specimen No. 2 were claimed to be the “true” bent cap capacity based 
on the observed damage; and (2) The capacity obtained from the FE analyses shows that the 
vertical pushover closely matched the experimental upper bound, which relates to the higher 
gravity load level (15%) used in the HS tests. According to the table, reducing the reinforcement 
from 8 #5 to 8 #4, i.e., 35% less reinforcement, was found to reduce the observed capacity by 
about 5% only for all cases of loading. Meanwhile, the reinforcement reduction from 8 #5 to 8 
#3, i.e., 65% reduction, was accompanied by a reduction of only 10% in the observed capacity 
for the different loading cases. This indicates again that the box-girder contributes significantly 
to the overall system capacity, implying that large portion of the force and moment demand is 
redistributed to the box-girder even after extensive yielding or damage of the cap beam. 

Table 4.1 Bent cap moment (kip-in.) obtained from all cases of FE post-test analysis. 

Cap beam 
Rft. (top & 

bottom) 

Post-test FE analysis Experiments 

Elastic column 
Calibrated 

model 

Specimen 
No. 1 cyclic 

tests 

Specimen 
No. 2 HS 

tests 
Vertical 

pushover 
Lateral 

pushover 
Lateral 
cyclic 

8 #5 6794 5248 5158 4721 4770 6535 

8 #4 6452 5031 4953 4720 - - 

8 #3 6120 4793 4710 4645 - - 

4.3 SECTIONAL ANALYSIS 

In earthquake engineering research and practice, sectional analysis is instrumental, particularly 
for capacity design or check of flexural members. A conventional sectional analysis for a beam 
in flexure aims at obtaining the moment-curvature relationship for the beam section to help 
identify key response metrics, such as the yielding and the ultimate moment capacity. In bridge 
design, a moment-curvature analysis or sectional analysis is required for bent columns and cap 
beams for performing various design checks. The current Caltrans SDC [2013] and AASHTO 
guide specifications for LRFD seismic bridge design [2011] provisions require calculating the 
integral bent cap beam capacity as part of the capacity check. This should be performed using the 
code-defined expected material properties and considering an effective slab width of 12 times the 
slab thickness (ts) for box-girder slab contribution without including any slab reinforcement. 
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The validity of using 12ts for slab contribution without including the slab reinforcement 
has been challenged through this study. The experimental results suggest that 18ts would better 
represent the equivalent strain block that reflects the slab contribution. An additional point: the 
experimental and FE post-test analysis results reflect that the Caltrans and AASHTO provisions 
underestimate the bent cap beam capacity. To investigate the accuracy of the effective slab width 
and the cap beam capacity, slab contributions of 12ts and 18ts with (w/) and without (w/o) slab 
tension reinforcement were used to determine the test specimen bent cap beam capacity. Figure 
4.34 shows the integral bent cap beam cross section used in the sectional analysis in three 
different cases of 12ts w/ and w/o slab reinforcement and case of 18ts w/ slab reinforcement. Note 
that the sectional analysis should consider the expected material properties as defined by the 
Caltrans SDC. However, the actual determined material properties from the material tests—see 
Chapter 3 of Part 1—have been used for better comparison with the experimentally determined 
capacity from Specimen No. 2 HS tests. 

 

 
Figure 4.34 Schematic representation of three different cross-sections used to 

analyze the test specimen bent cap beam section. 
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The computational program XTRACT [Chadwell and Imbsen 2002] was used for all the 
sectional analysis conducted in this study. Figure 4.35 shows a typical analysis results report 
along with the moment-curvature relationship (actual and idealized) for the case of the original 
bent cap design using the Caltrans provisions: a 12ts slab contribution without slab 
reinforcement. Note that the ultimate moment reported in the analysis is meant to be the moment 
value at the ultimate curvature reached. For the purpose of this study, the absolute ultimate 
moment was recorded for comparison’s sake even if it was obtained before the ultimate 
curvature was reached. 

The moment-curvature relationship obtained for the three cross sections defined in Figure 
4.34 are shown in Figure 4.36. The figure shows that including the slab reinforcement within the 
defined effective slab width increases the capacity estimate significantly. To validate this 
observation at different reinforcement levels, the two hypothetical bent cap beam designs 
described earlier were used to estimate their capacities using sectional analysis. Table 4.2 
summarizes all the results of different designs and cases of slab contribution as obtained from the 
sectional analysis. The values from the experimental tests are included in this table for 
comparison’s sake. Note that the slab reinforcements in both compression and tension sides of 
the bent cap beam section were included for simplicity in those cases that considered the slab 
reinforcement in the interest of preserving symmetry. In general, the effect of the compression 
steel, whether from the cap beam itself or the adjacent slab reinforcement within the effective 
width, is minor on the capacity estimates. Thus, the notion of “slab reinforcement” in this 
discussion always implies the tension side reinforcement even when it is not mentioned 
explicitly. 

 
Figure 4.35 Typical moment-curvature analysis report obtained from XTRAXT for the 

test specimen bent cap using Caltrans provisions. 
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Figure 4.36 Moment-curvature relationships for postulated three different test 

specimen bent cap beam cross-sections as obtained from XTRACT 
sectional analysis results. 

Table 4.2 Summary of the bent cap moment capacity [kip-in] obtained from the 
sectional analysis.  

Cap beam 
top rft. 

Cap beam 
bottom rft. 

12ts 18ts Experiments 

w/o slab 
rft. 

w/ slab 
rft. 

w/o slab 
rft. 

w/ slab 
rft. 

Specimen 
No. 1 Cyclic 

Tests 

Specimen 
No. 2 HS 

Tests 

8 #5 8 #5 4504 5977 4566 6855 4770 6535 

8 #4 8 #4 2945 4508 2965 5332 - - 

8 #3 8 #3 1667 3305 1676 4132 - - 
 

As implied in the data in Table 4.1, the observed reduction in the moment capacity from 
the FE analyses where the beam reinforcement was reduced is much less than that for the 
nominal flanged-section capacities from the section analyses; see Table 4.2. For example, 
reducing the bent cap reinforcement from 8#5 to 8#3 led to approximately 9% reduction in the 
capacity from the FE analysis, whereas a 63% and 45% reduction was observed from the 
sectional analysis when a 12ts slab contribution was used with and without slab reinforcement, 
respectively, compared to the case of 18ts slab contribution with slab reinforcement. This better 
illustrates the previous conclusions gleaned from the FE analyses that the box-girder contributes 
considerably to the system capacity and significant redundancy and force and moment demand 
redistributions take place as the cap beam yielding or damage progresses. 

The sectional analysis results suggests that neglecting the slab reinforcement 
underestimates the capacity, however, Considering 18ts for the effective width led to the best 
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match with the experimentally determined upper bound for the cap beam moment from the HS 
tests. Note that the capacity reduction when using cap beam of 8 #3 instead of 8 #5 in this case 
becomes 40% compared to the 63% and 45% mentioned above. A practical design problem is 
tackled next to investigate the design implications of considering the recommended 18ts effective 
slab width along with including the slab reinforcement at a full-scale bridge level. 

4.4 DESIGN IMPLICATIONS 

The main objective of this study was to accurately quantify the box-girder slab contribution to 
the behavior of the integral bent cap beams in RC box-girder bridges: that is, to better estimate 
the cap beam strength and stiffness for seismic design and capacity checks purposes. The 
stiffness calculations of the bent cap rely primarily on the effective slab width under 
consideration for the flanged I-section of the integral bent cap. The effective moment of inertia 
of the integral cap beam and the corresponding initial stiffness estimate for the uncracked section 
should not vary significantly if a 12ts or 18ts effective slab width is used. On the contrary, the 
strength calculations and capacity estimates were found to vary significantly based on two 
parameters: (1) the effective slab width and (2) the tension slab reinforcement inclusion within 
that effective slab width. Based on the study reported herein, such conclusions were based on 
experimental and analytical evidence but only at the reduced-scale level of the tested column-
supper structure sub-assembly. Thus, it would be beneficial to extrapolate those conclusions to 
the full bridge scale to identify the design implications and potential design optimization of the 
integral bent cap beams. 

The bent cap design of the original Caltrans Academy Bridge was revisited based on 
three different scenarios of the bent column design. For each scenario, the cap beam design, or 
more precisely the capacity check, was based on three cases. The first case used the provisions of 
the current Caltrans SDC [2013] and AASHTO guide specifications for LRFD seismic design of 
bridges [2011], i.e., using an effective slab width of 12ts without including the tension slab 
reinforcement. The second and third cases for the full scale bent cap design and capacity check 
are to include the tension slab reinforcement with 12ts and 18ts effective slab width, respectively. 
For all cases, the Caltrans SDC expected material properties for a 5000 psi characteristic 
concrete strength and Grade 60 reinforcing steel are used to resemble actual design conditions. 
The relevant design criteria and the different bent column design scenarios are presented in the 
first subsection. The bent cap beam capacity estimates in the three configurations described 
above is discussed in the second subsection. In conclusion, the capacity check is performed and 
discussed in the third subsection. 

4.4.1 Design Criteria 

The typical bridge design process begins by laying out the bridge spans to determine the bridge 
type and preliminary dimensions of different cross sections. The next step is to estimate the 
different loading actions primarily based on vertical gravity loads, i.e., dead loads and live traffic 
loads. Linear elastic analyses are then carried out to determine the different demands. The final 
step is to perform LRFD design for the sections. Based on the bridge type, location, boundary, 
and soil conditions, among other parameters, different design approaches might be undertaken to 
perform lateral design and checks. For the typical case considered in this study, which is a RC 
box-girder bridge in California, performance-based approaches are typically used for seismic 
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design and checks. In particular, for the case of the integral bent cap beam that is readily 
dimensioned and designed using LFRD, a capacity design check is required to guarantee that the 
bent cap beam remains essentially elastic during extreme seismic events. A weak-column–
strong-beam approach is used, which ties the cap beam capacity check directly to the bent 
column; see Chapter 3 of Part 1 for more details about the bridge seismic design philosophy. In 
addition, the Academy Bridge design document [2006] provides supplementary details that are 
specific to the prototype used through this study. 

Three scenarios for the Academy Bridge column design are considered and the bent cap 
beam design is checked accordingly. All the necessary data has been adopted from the Academy 
Bridge design document [2006] and the relevant design information is briefly presented here for 
completeness. The typical method for designing the bent columns is to assume a longitudinal 
reinforcement ratio within the 1% to the 4% code limits and then perform all necessary design 
checks. The original Academy Bridge design involved a 6-ft diameter column with a 1.44% 
reinforcement ratio, which satisfied all the design requirements and checks [2006]. To recognize 
possible scenarios that would require higher column reinforcement ratios, two additional designs 
with ~2.6% and ~3.5% column reinforcement ratios were used in this study. Sectional analyses 
were performed for all three column design scenarios, and the column capacity was estimated 
based on the expected Caltrans material properties. A summary of the original column design 
and the two additional scenarios and relevant sectional analysis results are presented in Table 
4.3. 

Once the column design is completed and sectional analyses are used to compute the 
section capacity, the column overstrength is then estimated to use for the bent cap beam capacity 
check. The column overstrength is given as 1.2 times the ultimate plastic moment obtained from 
the sectional analysis. To calculate the moment demands in the bent cap beam based on the 
column overstrength moment, a nonlinear planer transverse pushover analysis is typically 
performed. The results from the 2D nonlinear model used for the bent frame as given by the 
Academy Bridge design document [2006] were used to estimate the bent cap beam moment 
demands. A schematic illustration of the model used for the transverse pushover analysis is 
shown in Figure 4.37. The estimated positive and negative bent cap beam moment demands are 
summarized in Table 4.3. 

To perform the bent cap beam capacity check, the current Caltrans and AASHTO 
provisions require calculating the bent cap beam capacity based on a flanged section that 
includes a 12ts effective slab width. The readily available design for the bent cap from the 
vertical load LRFD design is 24 #11 bottom reinforcement and 22 #11 top reinforcement, as 
given by the design document [2006]. As discussed earlier, the transverse slab reinforcement was 
required to calculate the bent cap capacity in the other two configurations. The design document 
[2006] did not include any information on the transverse slab reinforcement since it is not 
involved in any seismic design checks. Therefore, the standard Caltrans design procedure for 
choosing the transverse slab reinforcement was adopted to determine the slab reinforcement. The 
current practice for deciding on RC box-girder soffit and deck slabs dimensions and 
reinforcement is using the design charts and tables provided by the Caltrans Memo to Designers 
10-20 [2008]. An excerpt for the relevant table required for determining the deck slab transverse 
reinforcement is shown in Figure 4.39, with the applicable data for the Academy Bridge 
identified. A similar procedure was followed to determine the soffit slab reinforcement. The final 
Academy Bridge bent cap cross section and slab reinforcement for the case of the 12ts 
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configuration is shown in Figure 4.38. Based on this data, the bent cap capacity was determined 
for the three selected configurations as discussed in the next. 

 

Table 4.3 Summary of the three column scenarios for Caltrans Academy Bridge [2006]. 

Column Cross Section 

 

Diameter 6 ft 6 ft 6 ft 

Long. Rft. 26 #14 26 #18 36 #18 

Rft. ratio 1.44% 2.56% 3.53% 

Hoops #8 @ 5 in. #8 @ 5 in. #8 @ 5 in. 

Ultimate 
moment Mp  

(kip-ft) 
14,510 21,140 26,200 

Overstrength 
moment Mo 

(kip-ft) 
17,410 25,370 31,440 

Cap beam M+ve 
demand 

(kip-ft) 
14,970 21,820 27,040 

Cap beam M-ve 
demand 

(kip-ft) 

15,670 22,830 28,300 
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Figure 4.37 Transverse pushover analysis model for bent cap beam demand 

estimation for the capacity check (Academy Bridge LRFD design 
document [2006]). 

 
Figure 4.38 Typical bent cap cross section of the full-scale Academy Bridge prototype 

for the case of 12ts considered as the effective slab contribution and slab 
transverse reinforcement included in cap beam sectional analysis. 
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Figure 4.39 Deck slab dimensioning and reinforcement design aid chart as excerpted 
from the Caltrans Memo to Designers 10-20 [2008]. 

4.4.2 Bent Cap Capacity  

The necessary data to determine the bent cap capacity was properly acquired as discussed before. 
Three configurations or cross-sections were considered to investigate how the bent capacity can 
be accurately estimated and how the design can be optimized. The first configuration is using the 
provisions of Caltrans SDC, or similarly the AASHTO seismic LRFD specifications, i.e., using 
an effective slab width of 12ts without including the tension slab reinforcement. The second and 
third configurations are considering the tension slab reinforcement within 12ts and 18ts effective 
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slab width, respectively. It should be noted that the double-column bent configuration of the 
Academy Bridge dictates positive and negative moment demands in the cap beam due to lateral 
loading. However, neither the top (22 #11) and bottom (24 #11) bent cap beam reinforcement 
nor the soffit (#5 @ 15 in.) and deck (#6 @ 11 in.) slab reinforcement are symmetric. Therefore, 
different capacities for positive and negative moments exist. 

The conventional sectional analysis procedure using XTRAXT [Chadwell and Imbsen 
2002] was adopted to determine the positive and negative bent cap beam capacities in the three 
different configurations. Figure 4.40 and Figure 4.41 show the moment-curvature relationships 
for different bent cap beam cross sections (configurations) due to positive and negative moments, 
respectively. The positive and negative moment notion is defined here to avoid confusion. The 
negative moment is the moment that causes sagging in the cap beam and requires top 
reinforcement where tension develops; the positive moment causes hogging in the cap beam and 
requires bottom reinforcement. Accordingly, the deck (top) slab reinforcement is the tension slab 
reinforcement for negative moment capacity, whereas the soffit (bottom) slab reinforcement is 
the tension reinforcement in case of positive moment capacity. Therefore, the positive moment 
capacity is slightly higher than the negative moment capacity when only the bent cap 
reinforcement is used in the capacity estimation (22 #11 for top versus 24 #11 for bottom), which 
can be observed in Figure 4.40 and Figure 4.41. However, the negative capacity exceeds the 
positive capacity when the slab reinforcement is included, as observed in the same figures. The 
moment capacities determined from the section analyses were compared to the demands obtained 
from the transverse pushover analysis for the three column design scenarios to perform a 
capacity check, as discussed next. 

 
Figure 4.40 Moment-curvature relationships for positive moment demands for the full-

scale Academy Bridge three different bent cap beam cross sections as 
obtained from XTRACT sectional analysis results. 
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Figure 4.41 Moment-curvature relationships for negative moment demands for the 

full-scale Academy Bridge three different bent cap beam cross sections 
as obtained from XTRACT sectional analysis results. 

4.4.3 Caltrans SDC Capacity Check  

The seismic capacity check is required to avoid unfavorable mode of failure and guarantee that 
the superstructure—the bent cap beam in this case—remains essentially elastic during extreme 
seismic events when the ductile bent columns reach their flexural capacities. The check is 
performed by comparing the demand, which is estimated from the pushover analysis based on 
columns overstrength moments rather than ultimate plastic moments, versus the capacity 
estimated for the given bent cap beam design. In this study, three different scenarios for the 
column design were studied, whereas three different configurations for the capacity estimation 
were utilized. This resulted in a total of 18 combinations for the capacity check; nine for cases of 
positive demands and nine for cases of negative demands. The summary of the positive and 
negative demands in the three scenarios (column design cases) and the estimated capacities for 
the three different configurations along with the capacity check is shown in Table 4.4 and Table 
4.5, respectively. 

The tables highlight that there are cases where the seismic capacity check was not 
satisfied, requiring a revised bent cap beam design. Accordingly, the bent cap beam 
reinforcement was increased until the obtained beam capacity satisfied the capacity check. The 
final revised design for the cases that required additional reinforcement along with the ratio of 
the needed increase in the reinforcement are summarized in Table 4.6 and Table 4.7 for cases of 
positive and negative demands, respectively. Additionally, Table 4.8 summarizes the overall 
increase in the reinforcement relative to the original design when positive and negative moment 
designs are combined. Based on these tables, neglecting the slab reinforcement does not require 
revised design only for the 1.5% column design scenario, but also requires much higher 
reinforcement to satisfy the capacity checks for higher demands from 2.5% and 3.5% column 
design scenarios. Moreover, including the slab reinforcement, especially within the 
recommended 18ts effective slab width from this study, requires the least design alteration and 
leads to the most optimized bent cap beam design. 
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Table 4.4 Bent cap seismic capacity check for positive moment demands due to 
three design cases. 

Case 
Column 
design 

Moment 
demand 
(kip-ft) 

12ts no slab rft. 12ts with slab rft. 18ts with slab rft. 

Capacity 
Satisfy 

capacity 
check? 

Capacity 
Satisfy 

capacity 
check? 

Capacity 
Satisfy 

capacity 
check? 

1 1.44% 14,970 21,990 YES 25,260 YES 26,590 YES 

2 2.58% 21,820 21,990 YES 25,260 YES 26,590 YES 

3 3.50% 27,040 21,990 NO 25,260 NO 26,590 NO 

 

Table 4.5 Bent cap seismic capacity check for negative moment demands due to 
three design cases. 

Case 
Column 
design 

Moment 
demand 
(kip-ft) 

12ts no slab rft. 12ts with slab rft. 18ts with slab rft. 

Capacity 
Satisfy 

capacity 
check? 

Capacity 
Satisfy 

capacity 
check? 

Capacity 
Satisfy 

capacity 
check? 

1 1.44% 15,670 20,270 YES 26,170 YES 28,460 YES 

2 2.58% 22,830 20,270 NO 26,170 YES 28,460 YES 

3 3.50% 28,300 20,270 NO 26,170 NO 28,460 YES 

 

Table 4.6 Revised bent cap design and capacity check for positive moment 
demands resulting from the three different column design cases. 

Case 1 2 3 

Column design 1.44% 2.58% 3.50% 

Moment demand (kip-ft) 14,970 21,820 27,040 

12ts no slab 
rft. 

Original design 24 #11 24 #11 24 #11 

Original capacity 21,990 21,990 21,990 

New design no change no change 32#11 

New capacity no change no change 28,790 

Increase in Rft. (%) 0 0 33.3 

12ts with 
slab rft. 

Original design 24 #11 24 #11 24 #11 

Original capacity 25,260 25,260 25,260 

New design no change no change 26 #11 

New capacity no change no change 27,100 

Increase in Rft. (%) 0 0 8.3 

18ts with 
slab rft. 

Original design 24 #11 24 #11 24 #11 

Original capacity 26,590 26,590 26,590 

New design no change no change 26 #11 

New capacity no change no change 28,680 

Increase in Rft. (%) 0 0 8.3 
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Table 4.7 Revised bent cap design and capacity check for negative moment 
demands resulting from the three different column design cases. 

Case 1 2 3 

Column design 1.44% 2.58% 3.50% 

Moment demand (kip-ft) 15,670 22,830 28,300 

12ts no slab 
rft. 

Original design 22 #11 22 #11 22 #11 

Original capacity 20,270 20,270 20,270 

New design no change 24 #11 32 #11 

New capacity no change 22,050 28,790 

Increase in Rft. (%) 0 9.1 45.5 

12ts with 
slab rft. 

Original design 22 #11 22 #11 22 #11 

Original capacity 26,170 26,170 26,170 

New design no change no change 26 #11 

New capacity no change no change 29,740 

Increase in Rft. (%) 0 0 8.3 

18ts with 
slab rft. 

Original design 22 #11 22 #11 22 #11 

Original capacity 28,460 28,460 28,460 

New design no change no change no change 

New capacity no change no change no change 

Increase in Rft. (%) 0 0 0 

 

Table 4.8 Summary of additional bent cap reinforcement required to satisfy the 
seismic capacity check for three different column design cases. 

Case 1 2 3 

Column design (long. rft. ratio) (%) 1.44 2.58 3.50 

12ts no 
slab rft. 

Increase in bottom rft. (%) 0.00 9.10 33.30 

Increase in top rft. (%) 0.00 0.00 45.50 

Total increase in rft. (%) 0.00 4.55 39.40 

12ts with 
slab rft. 

Increase in bottom rft. (%) 0.00 0.00 8.30 

Increase in top rft. (%) 0.00 0.00 8.30 

Total increase in rft. (%) 0.00 0.00 8.30 

18ts with 
slab rft. 

Increase in bottom rft. (%) 0.00 0.00 8.30 

Increase in top rft. (%) 0.00 0.00 0.00 

Total increase in rft. (%) 0.00 0.00 4.15 
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5 Full-Bridge Parametric Study 

The computational framework conducted in this study consisted of a pre-test analysis phase, 
which was discussed in Part I of this report, and a post-test analysis phase, which is discussed in 
this report. The first stage of the post-test analysis considered the calibration of the detailed 
DIANA FE model of the tested specimen and a parametric study at the specimen (sub-
assemblage) level as discussed before in the companion report. The second stage extended the 
parametric study to the prototype bridge level to investigate the effect of the bridge geometry on 
the bent cap effective width and strain distribution. Nine linear elastic FE models were generated 
and adopted from the unskewed two-column bent Caltrans Academy Bridge to consider different 
girders spacing and different soffit and deck slabs thicknesses. The details of the geometric 
parameters considered in this study, the strain distribution in the bent cap at different sections 
under combined gravity and lateral load, and the estimated effective slab width for the different 
bridges are presented and discussed in this chapter. 

5.1 GEOMETRIC PARAMETERS 

Several geometric parameters are associated with box-girder bridges such as the superstructure 
depth, the box-girders spacing, the slab thicknesses, etc. Typically, the geometric design of the 
bridges is governed by the traffic loads, which determine the number of lanes, and the feasible 
structural system, which is governed by the bents spacing and bridge spans. A bridge span will 
control the superstructure depth, which in turn affects the box-girder geometry. However, there is 
some flexibility in deciding on the girders spacing and the corresponding slab thicknesses. Thus, 
the objective of this parametric study at the prototype bridge level is to investigate whether 
varying the box-girder geometry affects the integral bent cap effective width and slab 
contribution. In particular, two of the box-girder geometric parameters were considered in this 
study; the girders spacing and the soffit and deck slab thicknesses. 

In practice, there are guidelines for choosing the girders spacing in reinforced and pre-
stressed concrete superstructures. For the Caltrans Academy Bridge, the box girders spacing is 
recommended to be within 1.5 to 2.0 times the superstructure depth (6.75 ft in this case), i.e., 
centerline to centerline spacing of girders within 10.125 to 13.5 ft is recommended. Three values 
for the spacing were chosen for the first parameter of this study to obtain a practical design and 
numbers of girders. These are 9-, 11-, and 14-ft clear spacing between the box-girder webs; there 
are design aids and tables that help the bridge engineers in practice choose the box-girder soffit 
and deck slabs thicknesses and reinforcement based on the girders spacing. According to the 
chosen spacing values, three sets of soffit and deck slabs thicknesses were chosen. These are 8 
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1/2, 9 1/8, 10 1/8 in. for the deck slab along with 6 3/4, 8 1/4, 10 1/8 in. for the soffit slab, 
respectively. Accordingly, nine combinations of the chosen box-girder web spacing and slabs 
thicknesses were available as illustrated and summarized in Figure 5.1.Table 5.1 also 
summarizes the nine bridge cases, where each three cases having similar slab thicknesses but 
different web spacing are grouped together. A geometric parameter that relates the variation in 
the slab thicknesses and girders web spacing is proposed and shown in Table 5.1as well. This 
parameter is the aspect ratio of the clear box-girder cell width-to-depth, i.e., the ratio between the 
clear spacing between the webs and the clear depth between the soffit and deck slabs. This aspect 
ratio was considered in this study in investigating the effective width variation as discussed later 
in Section 5.4. 

The parametric study considered linear elastic detailed FE models to determine the strain 
distribution in the bent cap beam and adjacent soffit and deck slabs in both compression and 
tension under combined vertical and lateral loading. Only linear elastic material model was used 
for concrete. This is because the objective of this parametric study was to investigate whether the 
box-girder geometry affects the bent cap effective width or slab contribution rather than 
exploring the bent cap capacity, as in case of the experimental program or the parametric study at 
the specimen level discussed earlier. The detailed DIANA FE model for one of the nine bridges 
considered in the parametric study is shown in Figure 5.2, and the two sections where the strain 
distribution is determined are identified. Each of the nine different bridges considered here was 
analyzed under the gravity dead loads combined with lateral forces applied transversely at the 
two bents planes. The lateral force value was chosen to produce maximum bending moments in 
the bent cap that is less than the yielding moment to represent realistic conditions within the 
linear elastic range. Embedded reinforcement was used in the bent cap and both soffit and deck 
slabs transverse direction for accurate representation of the bent stiffness in the transverse 
direction is shown in Figure 5.2. The embedded reinforcement bars were also used in the post-
processing to acquire the strain data to obtain the strain distribution at the two sections identified 
in Figure 5.2. Note that the concrete elastic material properties were adopted from the calibrated 
specimen FE model. These are the Poisson’s ratio and the Young’s modulus. A discussion of the 
strain distribution and the equivalent strain block is presented next in the following sections. 

Table 5.1 Summary of different geometry of the bridges used in the parametric study. 

Bridge group Group 1 Group 2 Group 3 

Bridge ID 1 4 7 2 5 8 3 6 9 

Soffit slab thickness (in) 6.75 6.75 6.75 8.25 8.25 8.25 10.13 10.13 10.13 

Deck slab thickness (in.) 8.50 8.50 8.50 9.13 9.13 9.13 10.13 10.13 10.13 

Box-gider clear spacing, b (in) 168 132 108 168 132 108 168 132 108 

Box-girder net depth, d (in) 65.75 65.75 65.75 63.63 63.63 63.63 60.75 60.75 60.75 

Box-girder cell aspect ratio 
(b/d) 

2.56 2.01 1.64 2.64 2.07 1.70 2.77 2.17 1.78 
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Figure 5.1 Cross sections of the different prototype bridges adopted from the 

Academy Bridge to investigate the effect of the box-girder soffit and deck 
slab thicknesses and girder web spacing. 

 

 

Figure 5.2 Finite element DIANA model of Bridge 1 (from Figure 5.1): concrete solid 
element mesh (left) and embedded reinforcement with identified bent cap 
critical bending moment sections. 

Bridge 1 Bridge 2 Bridge 3

Bridge 4 Bridge 5 Bridge 6

Bridge 7 Bridge 8 Bridge 9
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5.2 STRAIN DISTRIBUTION 

One of the main response quantities that have been extensively investigated throughout this 
study is the strain distribution in the bent cap beam and its adjacent slabs. The importance of the 
strain distribution is associated with the equivalent effective slab width of integral bent caps and 
the box-girder slabs contribution to the bent cap stiffness and capacity, which is the main focus 
of the experimental and computational programs of this study. The strain distribution obtained 
from the detailed DIANA FE bridge models is presented in this section. The equivalent strain 
block obtained from strain distributions is shown also here in this section and discussed in more 
details below. 

5.2.1 Bridge 1 Strain Distribution 

The strain distributions obtained from bridge 1 in the parametric study are discussed first to show 
how and where these distributions were obtained. A summary of all the strain distributions is 
shown next in the following subsection. The strain distribution was used to determine the 
equivalent strain block to determine the effective slab width of the bent cap using a similar 
framework as the experimental program. The reader is referred to Part 1 of this report for details 
of the procedure adopted to obtain the equivalent strain block. Note that two strain values were 
previously used to define the equivalent strain block, namely, the mean and the minimum strain 
values within the bent cap reinforcement. However, for the sake of this bridge parametric study, 
only the mean strain value inside the bent cap was used to define the equivalent strain block. 
That is because the strain observed within the bent cap was more uniform than what was 
observed during the experiments due to the lack of the concentrated gravity load that was 
dictated by the test set-up.  

The distributions were all obtained under combined vertical and lateral transverse load 
applied in the direction defined in Figure 5.3. The figure also shows an elevation view of the 
strain distribution along the bent cap profile (aligned with the bridge transverse direction). The 
figure demonstrates the bending moments distribution that cause tension in the soffit slab and 
compression in the deck slab at Section 1 (left-hand side of the figure), while causing tension in 
the deck slab side and compression in the soffit at Section 2 (right-hand side of the figure). 
Hence, four locations were used to obtain the strain distributions and their equivalent strain 
blocks herein. The four locations are either referred to by the sections, i.e., top side at Section 1 
for instance, or referred to by the strain and slab type, i.e., tensile strain in the soffit slab for 
instance. Moreover, Figure 5.4 and Figure 5.5 show a side view of the tensile and compression 
strain distribution, respectively, along the bent cap cross section and the adjacent soffit and deck 
slabs. 

Strain values were obtained at every other reinforcement bar in the bent cap and the 
adjacent slabs to post-process the results and calculate the effective slab width from the 
equivalent strain block. Each time the strain was obtained at one of the four locations previously 
discussed, the equivalent strain block was calculated, as shown in Figure 5.6 through Figure 5.9 
for the case of bridge 1 as an example. Figure 5.6 and Figure 5.7 show the distribution at Section 
1 at the tension and compression sides, respectively. Similarly, Figure 5.8 and Figure 5.9 show 
the distribution at Section 2 at the tension and compression sides, respectively. Note that the 
strain is higher in the soffit slab side than the deck slab side at both Sections 1 and 2. 
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Figure 5.3 Elevation view of the strain distribution along the bent cap and locations 

of maximum tensile and compression strain identified at Sections 1 and 2. 

 

 
Figure 5.4 Side view of the tensile strain distribution in the bent cap beam and the 

adjacent slab transverse reinforcement under combined vertical and 
lateral loading for bridge 1 (identified in Figure 5.1 and Figure 5.2). 
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Figure 5.5 Side view of the compression strain distribution in the bent cap beam and 

the adjacent slab transverse reinforcement under combined vertical and 
lateral loading for bridge 1 (identified in Figure 5.1 and Figure 5.2). 

 

 
Figure 5.6 Tensile strain distribution in the bent cap and soffit slab transverse 

reinforcement at Section 1 (identified in Figure 5.2) under combined 
gravity and lateral transverse load as obtained from DIANA FE linear 
elastic model. 
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Figure 5.7 Compression strain distribution in the bent cap and deck slab transverse 

reinforcement at Section 1 (identified in Figure 5.2) under combined 
gravity and lateral transverse load as obtained from DIANA FE linear 
elastic model. 

 
Figure 5.8 Tensile strain distribution in the bent cap and deck slab transverse 

reinforcement at Section 2 (identified in Figure 5.2) under combined 
gravity and lateral transverse load as obtained from DIANA FE linear 
elastic model. 
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Figure 5.9 Compression strain distribution in the bent cap and deck slab transverse 

reinforcement at Section 1 (identified in Figure 5.2) under combined 
gravity and lateral transverse load as obtained from DIANA FE linear 
elastic model. 

5.2.2 All Bridges Strain Distribution 

Similar to the results shown for bridge 1 in the previous subsection, a summary of all the results 
for all nine bridges are presented in Figure 5.10 through Figure 5.13 and compared for each of 
the four locations here. Each figure shows a 3×3 matrix, where each row compares the bridges 
that have similar girders spacing and each column compares the bridges with similar set of soffit 
and deck slab thicknesses. The convention adopted here groups each three bridges with similar 
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and 9, which was also identified earlier in Table 5.1. Figure 5.10 and Figure 5.11 show the 
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Figure 5.10 Summary of the strain distribution and the corresponding equivalent 

strain block in tension at the deck slab side at Section 1 for all bridges 
considered in the parametric study. 
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Figure 5.11 Summary of the strain distribution and the corresponding equivalent 

strain block in tension at the soffit slab side at Section 2 for all bridges 
considered in the parametric study. 

Several observations can be made from the figures. First, the strain is consistently larger 
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the contribution from the deck slab is larger than that from the soffit slab to account for the lower 
strain values. This observation is confirmed from the effective slab width calculations as 
discussed in the next section. Another observation from the figures is that the strain distribution 
is flatter inside the bent cap at the deck slab side. This can be attributed to the proximity of the 
soffit slab maximum strain location to the bent column where the bent cap cross-section depth 
suddenly increases. This results in more localized strains at the soffit slab side than at the deck 
side, which can be another reason for the observed higher soffit side strains. 

 
Figure 5.12 Summary of the strain distribution and the corresponding equivalent 

strain block in compression at the deck slab side at Section 2 for all 
bridges considered in the parametric study. 

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 1

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 2

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 3

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 4

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 5

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 6

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 7

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 8

-50 0 50
-8

-6

-4

-2

0
x 10

-4

Distribution Distance [ft]

S
tr

a
in

 

 

Bridge 9



156 

 
Figure 5.13 Summary of the strain distribution and the corresponding equivalent 

strain block in compression at the soffit slab side at Section 1 for all 
bridges considered in the parametric study 
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inside the bent cap. Figure 5.14 and Figure 5.15 summarize the bent cap effective slab width at 
the deck slab side in tension and compression, respectively. Similarly, Figure 5.16 and Figure 
5.17 show the effective slab width at the soffit slab side in tension and compression, respectively. 
Each of these figures compares each of the bridge groups against the Caltrans SDC [2011] value 
estimated as the bent cap width plus 12 times the slab thickness. Each group is compared against 
the same value because a given group represents the bridges with similar slab thickness but 
different girder spacing. Thus, comparing different bridges among the same group demonstrates 
the effect of the girder spacing, while comparing bridges with same spacing from different 
groups demonstrates the effect of the slab thickness. 

 
Figure 5.14 Integral bent cap effective width (Beff) in tension at the deck slab side for 

all bridges along with the Caltrans value for each group. 

 
Figure 5.15 Integral bent cap effective width (Beff) in compression at the deck slab 

side for all bridges along with the Caltrans value for each group. 
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Figure 5.16 Integral bent cap effective width (Beff) in tension at the soffit slab side for 

all bridges along with the Caltrans value for each group. 

 
Figure 5.17 Integral bent cap effective width (Beff) in compression at the soffit slab 

side for all bridges along with the Caltrans value for each group. 

The same information given by the above figures is summarized in a tabular form in 
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is rendered very conservative with respect to the estimated values from the FE parametric study 
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1 4 7
0

5

10

15

20

25

Bridge ID

E
ff

ec
tiv

e 
W

id
th

 [
ft

]

 

 

Group 1

Caltrans Beff

2 5 8
0

5

10

15

20

25

Bridge ID

E
ff

ec
tiv

e 
W

id
th

 [
ft

]

 

 

Group 12

Caltrans Beff

3 6 9
0

5

10

15

20

25

Bridge ID

E
ff

ec
tiv

e 
W

id
th

 [
ft

]

 

 

Group 3

Caltrans Beff

1 4 7
0

5

10

15

20

25

Bridge ID

E
ff

ec
tiv

e 
W

id
th

 [
ft

]

 

 

Group 1

Caltrans B
eff

2 5 8
0

5

10

15

20

25

Bridge ID

E
ff

ec
tiv

e 
W

id
th

 [
ft

]

 

 

Group 2

Caltrans B
eff

3 6 9
0

5

10

15

20

25

Bridge ID

E
ff

ec
tiv

e 
W

id
th

 [
ft

]

 

 

Group 3

Caltrans B
eff



159 

where the web spacing is 11 ft showed the largest effective width, i.e., largest slab contribution. 
This can be attributed to the distribution of the box-girder webs where a web that exists directly 
at the column-bent cap interface where the maximum bending moments are expected leads to the 
largest slab contribution and effective slab width. This was the case in bridges 4, 5, and 6 where 
the spacing was 11 ft regardless of the slab thickness. Moreover, note the slab thickness does not 
significantly change the effective slab width. For a different representation of the results, 
discussed next how the slab contributions are related to the slab thickness, i.e., expressed in 
terms of ts. 

Table 5.2 Summary of the total effective width (Beff) estimated at both compression 
and tension sides of both sections for all bridges used in the parametric 
study. 

Bridge group Group 1 Group 2 Group 3 Mean 

value Bridge ID 1 4 7 2 5 8 3 6 9 

T
o

ta
l e

ff
ec

ti
ve

 w
id

th
, B

ef
f 
(f

t)
 

Section 1 - top  

(deck in 

compression) 

20.87 23.81 20.77 21.31 23.42 21.09 20.29 21.62 20.78 21.55 

Section 1 - 

bottom  

(soffit in 

tension) 

17.13 18.95 15.34 16.32 19.17 15.07 16.75 19.65 14.74 17.01 

Section 2 - top  

(deck in 

tension) 

18.22 23.26 21.39 21.37 23.13 21.17 20.56 22.67 21.57 21.48 

Section 2 - 

bottom  

(soffit in 

compression) 

15.82 19.41 14.50 15.90 19.01 15.16 18.36 18.97 14.59 16.86 

 

5.3.2 Slab Contribution in terms of Slab Thickness (ts) 

For a more consistent comparison against the code-based 12ts value given by the Caltrans SDC 
[2011] and the AASHTO seismic guidelines [2013], the slab contribution is calculated in terms 
of the slab thickness for each of the nine bridges at the four observed strain locations. Figure 
5.18 and Figure 5.19 show the slab contribution at the deck side in tension and compression, 
respectively. Figure 5.20 and Figure 5.21 show the slab contribution at the soffit slab side also in 
tension and compression, respectively. Table 5.3 summarizes the slab contribution values for all 
cases. 
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Figure 5.18 The effective slab portion as related to the slab thickness (ts) for the bent 

cap in tension at the deck slab side for all bridges along with the 12ts 
Caltrans value. 

 
Figure 5.19 The effective slab portion as related to the slab thickness (ts) for the bent 

cap in compression at the deck slab side for all bridges along with the 
12ts Caltrans value. 

From the figures and the table, similar observations can be made from the total effective 
slab width. The deck side contribution is larger than the soffit side. Overall, the code value is 
conservative, as suggested by the mean values calculated for all nine bridges at each of the four 
observed strain locations. Overall average values of 17.71ts and 17.56ts were obtained for the 
deck slab contribution in tension and compression, respectively. Similarly, average values of 
13.28ts and 12.97ts were obtained for the soffit slab contribution in tension and compression, 
respectively. These values closely agree with the experimental values estimated from both 
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Specimen No. 1 cyclic tests and Specimen No. 2 HS tests that were discussed in the companion 
report and Chapter 3 of this report, respectively. The figures also suggest that bridges 4, 5, and 6 
where the clear box-girder web spacing is 11 ft demonstrated the largest slab contribution. To 
combine the effect of both box-girder web spacing and slab thicknesses, the aspect ratio of the 
clear box-girder cell width-to-depth ratio is used to investigate the effective slab width as 
discussed in the next. 

 

 
Figure 5.20 The effective slab portion as related to the slab thickness (ts) for the bent 

cap in tension at the soffit slab side for all bridges along with the 12ts 
Caltrans value. 

 
Figure 5.21 The effective slab portion as related to the slab thickness (ts) for the bent 

cap in compression at the soffit slab side for all bridges along with the 
12ts Caltrans value. 
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Table 5.3 Summary of the effective slab width portion estimated as multiples of ts at 
both compression and tension sides of both sections for all bridges used 
in the parametric study. 

Bridge group Group 1 Group 2 Group 3 Mean 

value Bridge ID 1 4 7 2 5 8 3 6 9 
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Section 1 - top  

(deck in 

compression) 

18.17 22.32 18.03 17.50 20.28 17.21 14.57 16.14 15.15 17.71 

Section 1 - 

bottom  

(soffit in 

tension) 

16.23 19.47 13.05 12.10 16.25 10.28 10.37 13.81 7.99 13.28 

Section 2 - top  

(deck in 

tension) 

14.43 21.54 18.90 17.58 19.90 17.32 14.89 17.39 16.08 17.56 

Section 2 - 

bottom  

(soffit in 

compression) 

13.90 20.28 11.56 11.49 16.01 10.41 12.28 13.00 7.81 12.97 

5.4 EFFECT OF BOX-GIRDER GEOMETRY 

The main objective of the full bridge parametric study is to investigate the effect of the box-
girder geometry (web spacing and slab thicknesses) on the bent cap effective slab width and slab 
contribution. The second objective is to calculate the effective slab width at the prototype bridge 
level in different cases under combined vertical and lateral loads to compare it against the given 
code value. Although Sections 5.2 and 5.3 provided insight with regard to the second objective, 
they did not provide a conclusive insight about the effect of the box-girder geometry. Thus, a 
parameter that reflects the box-girder geometry was considered in relation to the observed 
effective slab width. Ideally, it is desirable to optimize the box-girder geometry to obtain the 
largest slabs contribution to the bent cap beam for enhanced strength and stiffness. Thus, the 
effective width variation with respect to the box-girder net cell aspect ratio is investigated for 
box-girder geometry optimization. Figure 5.22 and Figure 5.23 show the soffit and deck slabs in 
tension and compression, respectively. Note that given the slab thicknesses and web spacing 
combinations of the nine bridges, nine different values were obtained for the box-girder cell 
aspect ratio that varied from almost 1.6 to 2.8 (refer to Table 5.1 for the exact values for each of 
the nine bridges). From the figures, it can be shown that the largest slab contribution, and in turn 
effective slab width, was observed at cell aspect ratios in the range of 2 to 2.15. This range for 
the cell aspect is recommended to take into consideration when the box-girder geometry is laid 
out. The larger contribution from the deck slab is also demonstrated in Figure 5.22 and Figure 
5.23, where the effective slab width is consistently higher at the deck side whether in tension or 
compression. 
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Figure 5.22 Variation of bent cap effective width in tension at each of the soffit slab 
(Section 1 in Figure 5.2) and the deck slab (Section 2 in Figure 5.2) with 
respect to the box-girder cells aspect ratio. 

 

Figure 5.23 Variation of bent cap effective width in compression at each of the soffit 
slab (Section 2 in Figure 5.2) and the deck slab (Section 1 in Figure 5.2) 
with respect to the box-girder cells aspect ratio. 
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6 Conclusions and Future Research 

A summary of the experimental and computational frameworks developed, the main conclusions, 
and recommendations for future work based on the full study is presented here. This chapter 
provides the summary and the conclusions from both parts of the report (Parts I and II) for the 
convenience of the reader and for completeness. 

6.1 SUMMARY 

The study reported in the two parts of the report comprised computational and experimental 
frameworks to investigate the structural behavior and seismic response of bent cap beams in as-
built and retrofitted RC box-girder bridges under the combined effect of vertical and lateral 
loading. In particular, the contribution of the box-girder slabs to the stiffness and strength of the 
integral bent caps was evaluated for optimized design and enhanced capacity estimation. Four 
main objectives of this study are highlighted: (a) revisiting the effective slab width for integral 
bent caps in RC box-girder bridges; (b) an investigation the effectiveness of CFRP column 
retrofit in enhancing column capacity in light of the consequent amplified demands on bent cap 
and the resulting subassembly performance; (c) the development and successful performance of 
multi-DOF Hybrid Simulation (HS) tests using a new practical approach for HS communication; 
and (d) calibration of a detailed FE model for investigating the influence of box-girder 
contribution for several hypothetical cases of higher levels of bent cap damage when the bent cap 
beam reinforcement is reduced. 

The computational part of the study consisted of two phases: pre-test and post-test 
analysis. The experimental program involved testing two ¼-scale column-bent cap beam–box-
girder sub-assemblies using quasi-static and HS testing methods. The test specimens were 
adopted from a prototype that was slightly modified from the Caltrans Academy Bridge and were 
designed in light of the most recent AASHTO and Caltrans SDC provisions. An overview of the 
different parts of the study is summarized in the following paragraphs. 

The first phase of the computational framework, i.e., the pre-test analysis phase, utilized 
1D, 2D, and 3D FE models, which were developed and used to carry out different types of 
analyses that varied from linear elastic static analysis to nonlinear time-history analysis. 
Different models were developed for both of the full prototype bridge and the test specimen 
using OpenSees, SAP2000, and DIANA FE packages. The pre-test analysis successfully verified 
the expected subassembly behavior, provided the input for the final gravity load levels and 
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lateral loading protocol, delivered the expected loads and straining actions for test set-up design, 
and provided necessary information for instrumentation distribution. 

The pre-test analysis was then followed by the experimental program that comprised the 
core of the study. The first stage of the experimental program involved quasi-static cyclic 
loading tests of the first specimen (Specimen No. 1) in as-built and repaired conditions. Bi-
directional cyclic loading tests in both transverse and longitudinal directions were conducted 
under constant gravity load. A rapid repair scheme was adopted for the tested specimen using a 
three-layer CFRP column jacket. The partial repair aimed at providing at least minimal capacity 
for the specimen to be reused for the HS development and trial runs. However, a quasi-static 
cyclic test similar to the one applied to the as-built specimen was carried out for the repaired 
specimen for comparison purposes and to verify the essentially elastic status of the bent cap 
beam.  

The second stage of the experimental program used the HS testing technique for 
providing realistic dynamic response input to the test specimens as the lateral loading. A new 
practical approach that utilized readily available laboratory data acquisition systems as a 
middleware for feasible HS communication was achieved. The proper communication among the 
HS components and the verification of the HS system were first performed using test runs 
conducted on standalone hydraulic actuators, i.e., they were not attached to any physical 
specimens. Next, the same Specimen No. 1 that was tested as-built, was repaired, retested in 
quasi-static cyclic tests, and was utilized one last time to carry out actual HS trial tests. All the 
HS trials were successful, which verified the robustness of the developed HS system. The 
column of Specimen No. 2 was retrofitted using CFRP jacketing before any testing to increase 
the demands on the bent cap beam. The retrofitted Specimen No. 2 was then tested using multi-
degree of freedom HS under constant gravity load and using unidirectional and bi-directional 
near-fault ground motions in several intensity levels and polarity. 

The post-test analysis was the final stage of the study. The results from the as-built first 
specimen cyclic tests were used to calibrate the most detailed 3D FE model, which was 
previously developed as part of the pre-test analysis stage. The calibrated model was used to 
explore the effect of reducing the bent cap reinforcement on the overall system behavior and to 
investigate how the box-girder contributes at higher levels of bent cap damage. The design 
implications of the main outcome from all of the different analyses and experiments concluded 
this study. A short illustrative design example was carried out to investigate the implications of 
the revisited effective slab width and bent cap capacity estimation on the optimization of the bent 
cap design for a full-scale bridge. The computational framework was concluded with another 
parametric study at the full bridge level to investigate the effect of the box-girder geometry, 
namely, the webs spacing and slab thicknesses on the slab contributions and the bent cap 
effective width to optimize the box-girder geometry for the most efficient slabs contribution to 
the bent cap structural behavior. 
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6.2 CONCLUSIONS 

Several conclusions were drawn from this study as follows:  

 The preliminary prototype bridge tri-axial time history analysis showed that the inclusion of 
the vertical excitation component can lead to unfavorable damage or failure in the bent cap 
beams. A large number of near-fault ground motions were used to run time history analysis 
on the modified Academy Bridge prototype with and without the vertical excitation 
component. Six out of 88 considered ground motions led to excessive curvature values, i.e., 
plastic hinge damage at different locations of the bent cap beam only when the vertical 
excitation was included. These six ground motions were concluded to cause highest demands 
in the bent cap independently from the column capacity due to the vertical excitations. This 
observation violates the fundamental design principle of strong beam–weak column capacity 
design concept required by the Caltrans SDC and AASHTO seismic design guidelines, and 
calls for further investigation. 

 The most detailed and accurate 3D DIANA model for the test specimen successfully 
predicted the subassembly behavior and mode of failure. A lateral force capacity was 
determined from the DIANA nonlinear pushover analysis to be almost 45 kips, which is only 
within 5% difference from the 47.5 kips experimentally determined capacity. Different 
modes of failures were observed from the 3D DIANA model under different gravity load 
levels combined with lateral pushover. At the 10% gravity load level, which was used in the 
large-level cyclic loading tests, the predicted mode of failure from the analysis matched the 
experimentally observed failure mode of column plastic hinging. The detailed DIANA model 
was further calibrated and used in post-test analysis. 

 The observed as-built Specimen No. 1 behavior satisfied all the Caltrans SDC design 
objectives. The mode of failure was a fully developed plastic hinge in the sub-assembly 
column whereas the bent cap beam and superstructure remained essentially elastic. The 
performance of the bridge system exceeded the minimum required performance levels set by 
Caltrans SDC. The bridge sub-assembly, and particularly its ductile column, successfully 
achieved a 7.6 ductility level, which corresponds to a 10.5% drift ratio in the transverse 
direction; a 5.4 ductility level that corresponds to 7.5% drift ratio was achieved in the 
longitudinal direction. The buckled column rebars started to rupture at the 5.4 ductility level 
loading in the longitudinal direction, leading to capacity loss. The 5.4 ductility level was still 
superior to the minimum displacement ductility of 4.0 required by Caltrans SDC. 

 The bridge sub-assembly tests showed slightly different stiffness in the transverse and the 
longitudinal directions. This is attributed to the slightly more flexible column–box-girder 
connection relative to the column-bent cap connection. The slightly higher transverse 
stiffness observation was more pronounced in the as-built Specimen No. 1 tests compared to 
the retrofitted Specimen No. 2 tests because the stiffness in the longitudinal direction is 
sensitive to the soffit and deck slab thicknesses, which governs the box-girder overall 
stiffness. Therefore, due to construction imperfections, the stiffness can vary, as observed in 
the two specimens. In addition, Specimen No. 1 stiffness degradation in both transverse and 
longitudinal directions was monitored and related to the different ductility levels and drift 
ratios. Only Specimen No. 1 was considered in that regard as it experienced the desired 
column mode of failure as required by code provisions. At 7.56 ductility level, the transverse 
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stiffness was about 13% of its initial value, while a longitudinal stiffness of almost 10% of 
the initial value was observed at 5.40 ductility level, i.e., the specimen lost close to 90% of its 
initial stiffness at the final damaged state. 

 The rapid CFRP repair technique successfully achieved its objective of partially restoring 
Specimen No. 1 test sub-assembly capacity and significantly increased the stiffness in both 
transverse and longitudinal directions. To quantify the repair effectiveness, a maximum 
increase of 25% in the capacity was obtained due to the repair relative to the residual 
capacity after all column rebars buckled and six of them ruptured. Moreover, an increase of 
more than 300% was achieved in the stiffness from the final damaged state because of the 
repair. Note that regardless of the significant increase in the stiffness, the original initial 
stiffness and strength were not fully achieved. It is also noted that the injection of the cracks 
prior to the application of the CFRP was the main contributor to this increase of the stiffness 
and not the CFRP jacket itself. 

 The retrofit CFRP technique was effective in increasing Specimen No. 2 column capacity 
due to the enhanced confinement. It was observed that the force capacity of the whole sub-
assembly and the moment capacity of the column increased by almost 25% in Specimen No. 
2 compared to Specimen No. 1 The jacket confinement prevented any concrete spalling or 
bar buckling or rupture, which is important for post-earthquake bridge resiliency as it 
minimizes the down time for any column repairs. From a research perspective, the retrofit 
scheme also achieved its intended objective of increasing the demands on the bent cap beam 
and delaying or preventing the column failure, which allowed for investigation of bent cap 
beam mechanism in order to better estimate the bent cap capacity. Consequently, the 
amplified moment demands from the higher gravity level and retrofitted column led 
Specimen No. 2 bent cap moment to cap at about 6500 kip-in. versus a maximum value of 
approximately 4500 kip-in. in Specimen No. 1 cyclic tests. 

 The bent cap beam experienced yielding in the as-built Specimen No. 1 tests but remained 
essentially elastic. The essentially elastic state was confirmed by visual evidence that no 
extensive cracking took place at the tension side nor concrete crushing occurred in the 
compression side. In addition, the bent cap beam behaved linearly elastic when the sub-
assembly was repaired and retested. A more accurate value for the yield moment of the bent 
cap beam was determined accordingly. The yield moment rendered the recommended 
Caltrans SDC and AASHTO bent cap beam flanged section conservative in terms of the 
effective slab width contribution. 

 The onset of the bent cap beam damage and its moment capacity were captured through the 
retrofitted Specimen No. 2 HS tests. The overall system force capacity and the bent cap beam 
moment were both capped and reached a steady state regardless of the amplified HS test 
scales. Visual damage of Specimen No. 2, i.e., concrete crushing in the bent cap compression 
side and only uniform flexural crack pattern in the column underneath the CFRP jacket, 
suggested that the capacity reached was dictated by the bent cap capacity. The moment cap 
value of almost 6500 kip-in. was justified to be a reasonable experimental estimate of the 
bent cap beam capacity. Sectional analysis based on the Caltrans SDC provisions and actual 
material properties specified that the bent cap beam capacity is only around 5000 kip-in. 
Consequently, both the Caltrans and AASHTO, provisions were found to underestimate the 
bent cap capacity as was shown for the yield moment obtained from Specimen No. 1 as well. 
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 A simple procedure was devised to experimentally determine the bent cap beam effective 
slab width using the equivalent strain block concept from Specimen No. 1 cyclic tests and 
Specimen No. 2 HS tests. Two strain values from the different reinforcing steel bars in the 
bent cap were used for the equivalent strain block. These were the minimum and mean of six 
instrumented bars at a given cross section. Consequently, the effective slab width was 
evaluated for all Specimen No. 1 and Specimen No. 2 test runs and for different sections, 
mainly in the tension side. The results from the compression side were not conclusive 
because the strain measurements were sensitive to the concentrated gravity load. The results 
for the effective slab width, obtained from the tension side, rendered the 12ts Caltrans SDC 
and AASHTO code value for effective slab width unnecessarily conservative. The overall 
mean value for the effective width as determined from all the as-built Specimen No. 1 cyclic 
loading tests was 13.7ts and 21.2ts when the cap beam mean and minimum strain values were 
used, respectively. Smaller estimates for the effective slab width were obtained from 
Specimen No. 2 HS tests. These were 11.5ts and 15.8ts when the cap beam mean and 
minimum strain values were used, respectively. Thus, the original 12ts code value was 
supplemented by a proposed revised value of 18ts for investigating the bent cap beam 
capacity estimation and design implications. The basis for choosing the 18ts value for the 
effective slab width is that it reasonably resembled the mean of the 21.2ts and 15.8ts upper 
bounds from the experiments, whereas the original 12ts resembled the mean of the 13.7ts and 
11.5ts lower bounds. 

 A practical HS system that utilizes readily available laboratory data acquisition systems 
along with inexpensive TCP/IP-Ethernet connections to establish the communication 
between the physical and computational substructures was successfully developed, verified, 
and utilized in Specimen No. 2 HS tests. The main development included augmenting the PI 
data acquisition with a new interface to communicate with OpenFresco from the 
computational side and the DSP card from the experimental side. The new interface utilized 
an inexpensive Ethernet connection to replace expensive shared memory communication 
cards, such as SCRAMNet, for communicating with the computational side. Moreover, a 
DSP algorithm complemented the new interface to control the laboratory hardware and 
receive the physical substructure feedback. A new test set-up component in OpenFresco was 
successfully developed as well to perform geometric transformations between the global 
DOFs in the computational model and the actuators’ local DOFs for command displacements 
and force feedback measurements. The HS test trials using only the hydraulic actuators and 
the repaired Specimen No. 1 successfully validated the new communication interface and 
new OpenFresco geometric transformation experimental set-up object. Accordingly, the 
validation tests provided confidence on the robustness of the HS system to be used for 
Specimen No. 2 tests. 

 The detailed DIANA 3D FE model for the test specimen was calibrated against the as-built 
Specimen No. 1 cyclic test results. The calibrated model successfully captured the global 
behavior of the sub-assemblage and the bending moments that developed in the bent cap 
beam within a 5% difference. The sensitivity of the global behavior observed from the FE 
analysis was investigated under different model and constitutive material input parameters as 
part of the FE model calibration. It was concluded that using two different sets of material 
model parameters for the column and the superstructure that reflected the natural material 
properties in the different concrete lifts used in construction led to the best match with the 
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experimental results. Thus, it is recommended for better analysis practices to use different 
material properties for the bridge bent component, if needed, to reflect actual conditions, 
especially for capacity checks and nonlinear analysis. 

 The FE analysis using the calibrated set of material parameters determined the cap beam 
capacity from the original test specimen design in addition to two hypothetical designs with 
less reinforcement than what the original design required. The capacity obtained from the 
vertical pushover closely matched the experimental upper bound, which was related in part to 
the higher gravity load level (15%) used in the HS tests where the cap beam reached its 
capacity. Moreover, the results from the hypothetically reduced-reinforcement bent cap 
designs revealed that only a slight reduction, which is not proportional to the reinforcement 
reduction, was observed in the system and the cap beam capacity. This indicates that the box-
girder contributes significantly to the overall system capacity and implies that a large portion 
of the force and moment demand is redistributed to the box-girder after the cap beam 
experiences extensive yielding or damage. 

 The underestimated yield moment and ultimate moment capacity from the code-based 
sectional analysis relative to the experimentally observed value was claimed to be a 
consequence of (1) excluding the tension-side slab reinforcement, and (2) conservatively 
using only a 12ts effective slab width. Therefore, different configurations for the integral bent 
cap required for capacity estimation that involved including or excluding the tension-side 
slab reinforcement within 12ts or 18ts, were studied for different bent cap designs through 
sectional analysis. It was concluded that excluding the slab reinforcement underestimates 
significantly the bent cap beam capacity. Moreover, the best match with the experimentally 
observed value for the cap beam capacity from Specimen No. 2 HS tests was achieved from 
sectional analysis that considered flanged section with slab reinforcement and 18ts effective 
slab contribution. Consequently, it is recommended to include the transverse deck and soffit 
slab tension reinforcement within a revised 18ts effective slab width in the bent cap yield and 
capacity moment estimation. 

 The design implications of the above recommendation of including the slab reinforcement 
within 18ts effective slab width for capacity estimation of bent caps were explored for the full 
bridge level. The design of the full-scale bent cap of the Caltrans Academy Bridge was 
checked in three different column design scenarios that corresponded to approximately 1.5%, 
2.5%, and 3.5% longitudinal column reinforcement. A seismic capacity check was performed 
in light of Caltrans SDC provisions using different moment demands from the three scenarios 
and considering different bent cap beam configurations of a 12ts and 18ts effective slab width 
with and without slab reinforcement. It was concluded that neglecting the slab reinforcement 
did not require a revised design only for the 1.5% column design scenario; however, a much 
higher reinforcement was required to satisfy the capacity checks for higher demands from 
2.5% and 3.5% column design scenarios. Meanwhile, including the slab reinforcement within 
the revised 18ts effective slab width proposed by this study required the least design 
alteration and led to the most optimized bent cap beam design. 

 The design implications previously shown are valid in all the cases where higher column 
demands require revising the bent cap design to satisfy the seismic capacity check. An 
important application of the recommended bent cap capacity estimation procedure is 
pronounced in undertaking older bridges retrofitting for resiliency. A typical retrofit scheme 
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that aims at strengthening the column, as studied within, amplifies the moment demands on 
the cap beam, i.e., the consequences of the 3.5% column design showed in the design 
implications can be reproduced using a less reinforced column that is efficiently retrofitted. 
Ignoring a check of the bent cap capacity against the new retrofitted column capacity could 
lead to an undesirable mode of failure that has migrated to the bent cap because of the 
amplified demands, especially in cases of overdesigned retrofit. Accurate estimation of bent 
cap capacity is necessary in this case to guarantee that it remains essentially elastic in case of 
extreme events. In addition, a different retrofit design might be needed if the accurately-
estimated bent cap capacity falls short behind the retrofitted column overstrength moment. 
Therefore, it can be stated that the accuracy of the bent cap capacity estimation can lead to 
optimized reinforcement in case of new bridge designs and informed retrofit decisions in 
case of older existing bridges. 

 From the full-bridge parametric study, the strain values were higher in the soffit slab 
transverse reinforcement; in turn, the effective width at the deck slab side was consistently 
larger than the soffit slab side. In addition, the 12ts code-based value for the effective slab 
width was rendered conservative from the FE models for the full bridge. As observed in from 
the bridge parametric study, there is not an obvious trend or significant effect of either the 
box-girder web spacing or slab thicknesses on the bent cap effective width. However, a larger 
slab contribution to the bent cap behavior can be achieved if the box-girder webs are aligned 
such that a web meets the bent cap at the maximum bending moment locations. Moreover, 
maintaining an aspect ratio around 2.0 for the box-girder cells width-to-depth ratio results in 
the largest contribution from both deck and soffit slabs whether they are in tension or 
compression. 

 The main conclusions and design implications based on this study and implications in terms 
of design guidelines and possible code amendments are as follows:  

o The 12ts code value for effective slab width is unnecessarily conservative. A revised 
value of 18ts is recommended for accurate account of box-girder soffit and deck slab 
contributions to the integral bent cap stiffness and strength; 

o Transverse deck and soffit slab tension reinforcement within an effective slab width, 
which is similar to the revised 18ts, should be included in the bent cap capacity 
estimation; 

o The box-girder slab contribution should be carefully and accurately considered in the 
seismic design capacity check to avoid unnecessary use of bent cap reinforcement beyond 
what is required to satisfy the LRFD design for gravity loads; 

o Accurate bent cap capacity estimate should be an integral part of the repair and retrofit 
designs for resilient infrastructure to avoid undesirable failure modes, leading to 
prolonged downtime and uneconomical post-event repair in case of extreme events. This 
is particularly critical for older bridges that were not designed using the strong-beam–
weak-column capacity approach, i.e., the cap beam capacity is not necessarily higher than 
the column capacity. In such cases, an overdesigned column repair or retrofit might 
migrate the damage to the superstructure, requiring retrofit of the bent cap or 
superstructure. Thus, the capacity design check is recommended for repair and retrofit 
decisions of older bridges as well as an existing condition assessment. 
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6.3 FUTURE WORK 

Several research topics that are appropriate for future investigations can be extended from this 
the study. The following are relevant possible topics: 

 An analytical investigation of the different parameters that could affect the bent cap beam 
behavior and the box-girder slab contribution at the full bridge level should be conducted. 
The set of the calibrated nonlinear material model parameters can be further used in a full 
bridge model. Global bridge geometrical parameters, such as the bridge spans, superstructure 
depth, thicknesses of the soffit and deck slab, etc., can be varied to investigate how these 
parameters affect the bent cap effective width and design. The current standards typically 
relate the effective slab width of the bent cap to the soffit and deck slab thicknesses. 
However, if other bridge geometric parameters are found to influence the effective slab 
width, then relating the effective width to such parameters via simple expressions should be 
beneficial. 

 Comprehensive study of the effect of the vertical excitation, especially in near fault regions, 
on the superstructure, bent caps, and outriggers of bridges should be pursued. One part of the 
preliminary pre-test analysis conducted in this study rendered the bent cap beam vulnerable 
to excessive plastic damage due to vertical excitations. This was observed from the full 
prototype bridge OpenSees nonlinear dynamic analysis that used tri-axial earthquake 
excitations, i.e., an analysis that included the vertical excitation component. A 3D full bridge 
model should be considered for investigating any possible unfavorable modes of failure or 
damage due to the lack of proper account for the vertical excitations in bridge design. The 3D 
modeling is recommended because the vertical forces resulting from vertical excitations are 
sensitive to the mass distribution of the superstructure. Thus, approximate lumped mass at 
selected nodes of the bridge superstructure and bent cap model are not the most accurate 
method for tackling the issue of vertical excitations. 

 An investigation of the behavior of bent caps in different bridge types beyond the RC box-
girder bridges should be considered. Composite steel and RC bridge superstructures that still 
connect to a RC bent cap beam is another popular type of bridge the bent cap behavior 
warrants a proper investigation. The contribution from the RC box-girder slabs is natural in 
integral bent caps because of the monolithic connections. However, composite girders have 
stiffening and strengthening effects as well, raising the issue of revisiting this effect for 
proper bent cap capacity estimation for seismic capacity design checks. 

 An investigation of the behavior of bent caps in different bridge geometries and 
configurations is needed. In particular, skew bridges with various skew angles might affect 
the overall box-girder soffit and deck slab contributions and, more critically, the bent cap 
beam capacity. Thus, a comprehensive study that relates the bent cap beam behavior, 
effective slab width, and capacity estimation to the skewness of the bridge would be useful. 
Currently, the Caltrans SDC and AASHTO recommend a similar 12ts value for the effective 
width in a direction orthogonal to the bent cap axis. This value might be strongly dependent 
on the skew angle and requires further investigation. 

 An investigation of the contribution of the slab to bridge girders in the longitudinal direction 
should be conducted. Several studies have already studied the effective slab width and the 
slab contribution in composite bridge girders. The RC and PC box-girders need to be further 
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investigated for a more accurate estimate of the slab contribution and the box-girder capacity, 
which is required for the bridge seismic capacity check in the longitudinal direction. 
Moreover, exploring the effect of post-tensioning on the effective slab width and including 
the pre-stressing and non-pre-stressing steel in the capacity estimation of the overall box-
girder and the individual girders would be also useful. 
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