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ABSTRACT

Evaluation of the capacity of a bridge to carry self-weight and traffic loads after an earthquake is
essential for a safe and timely re-opening of the bridge. In California, modern highway bridges
designed using the Caltrans Seismic Design Criteria are expected to maintain at minimum a
gravity load carrying capacity during both frequent and extreme seismic events. However, no
validated, quantitative guidelines for estimating the remaining load carrying capacity of such
bridges after an earthquake event exist today.

In this study, experimental and analytical methods were combined to evaluate the post-
earthquake traffic load carrying capacity of a modern California highway overpass bridge. An
experimental study on models of circular reinforced concrete bridge columns was performed to
investigate the relationship between earthquake-induced damage in bridge columns and the
capacity of the columns to carry axial load in a damaged condition. The test results were then
used to calibrate a finite element model of a bridge column. This bridge column model was
incorporated into a hybrid model of a typical California overpass bridge and tested using the
hybrid simulation technique. The finite element model of the typical California overpass bridge
was validated using the data from hybrid simulations. The validated model of the typical bridge
was used to evaluate its post-earthquake truck load capacity in an extensive parametric study that
examined the effects of different ground motions and bridge modeling parameters such as the
boundary conditions imposed by the bridge abutments, the location of the truck on the bridge,
and the amount of bridge column residual drift.

The principal outcomes of this study are the following findings. A typical modern
California highway bridge is safe for traffic use after an earthquake if no columns failed and the
abutments are still capable of restraining torsion of the bridge deck about the longitudinal axis. If
any of the columns failed, i.e., if broken column reinforcing bars are discovered in an inspection,
the bridge should be closed for regular traffic. Emergency traffic with weight, lane, and speed
restrictions may be allowed on a bridge whose columns failed if the abutments can restrain
torsion of the bridge deck. These findings pertain to the bridge configuration investigated in this
study. Additional research on the post-earthquake traffic load capacity of different bridge

configurations is strongly recommended.
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1 Introduction

1.1 MOTIVATION

In California, modern highway bridges designed using the Caltrans Seismic Design Criteria
(SDC) (Caltrans 2006a) are expected to maintain at minimum a gravity load carrying capacity
during both frequent and extreme seismic events. Presently, there are no validated, quantitative
guidelines for estimating the remaining load carrying capacity of bridges after an earthquake.
Instead, bridge inspectors and maintenance engineers provide an estimate of the capacity of the
bridge to function based on qualitative observations. These immediate decisions regarding bridge
safety and serviceability are based on the opinions of individual engineers, with each judgment
founded on personal experience. This subjectivity can be overcome by developing an analytical
model able to provide quantitative estimation of the post-earthquake bridge capacity to carry
traffic loads. The availability of such an analytical model would improve public safety and
minimize economic impact caused by disruption of the road network from possibly unnecessary

bridge closures.

1.2 BACKGROUND

Numerous research projects have addressed modeling of bridge structures under seismic loading
(e.g., Fenves and Ellery 1998) and validation of analytical models against measured seismic
response of instrumented bridges (e.g., Arici and Mosalam 2003). However, only a few real
bridges have been tested to evaluate their capacity in the field (Bollo et al. 1990; Gilani et al.
1995; Eberhard and Marsh, 1997a; Eberhard and Marsh, 1997b; Pantelides et al. 2002). The
bridges involved in these research projects have not been designed according to current Caltrans
SDC. Nevertheless, as long as there is some ductility in the response of bridge elements, the
results of these research projects show that the capacity design principles of Caltrans SDC are
valid. More important, however, is that none of the bridge systems have been tested for the

traffic load capacity after damage was induced under lateral loading. The capacity of a highway



overpass bridge to carry traffic load after an earthquake was evaluated by using a finite element

model of a typical California  overpass bridge built using  OpenSees

(http://opensees.berkeley.edu) (Mackie and Stojadinovic 2005). The major findings are as
follows:

e Damage and permanent displacement induced by lateral loading reduce the gravity load
capacity of a bridge.

e The bridge columns are the elements that provide most of the gravity load resistance after
a seismic event. While other elements of the bridge do contribute to the ability to carry
gravity load (e.g., the bridge deck may help to redistribute the load; the joints and the
shear keys have to carry wheel loads locally), the local damage to the column plastic
hinge and the possible permanent displacement of the column are the most important
factors contributing to the loss of post-earthquake bridge traffic load capacity.

e The finite element models of beam-column elements in use today are capable of
representing the loss of gravity load capacity after some damage is induced in the models
by lateral loads, but they have not been calibrated or validated using experimental data.

e The design procedures built into reinforced concrete design codes (such as ACI 318) and
bridge design procedures (such as Caltrans SDC) do not provide the means to evaluate

the remaining axial load capacity of a damaged reinforced concrete column.

1.3 RESEARCH OBJECTIVES AND SCOPE

The main goal of this project is to develop an analytical model of a bridge that can be used for
evaluation of post-earthquake traffic load capacity. The analytical model will then be used in
estimating the post-earthquake truck load capacities of a typical overpass bridge in California for
a suite of ground motions and a set of parameters that have a great influence on the truck load
capacity. To achieve this, analytical and experimental investigations are combined into an
integrated research program. Figure 1.1 shows the steps of the research program.

Since the capability of a bridge to function after an earthquake depends directly on the
remaining capacity of the bridge columns to carry load, the research program begins by testing
scaled bridge column specimens in two phases: laterally and axially. In the lateral testing phase
the specimens will be displaced bilaterally in the quasi-static manner up to pre-determined,

incrementally increasing displacement ductility targets. In the axial testing phase the laterally
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damaged specimens will be compressed axially to get the axial strengths of the damaged
columns. The relationship between earthquake-induced damage in reinforced concrete bridge
columns and the capacity of the columns to carry axial load in a damaged condition will be
developed. Based on the experimental results, a finite element model of a bridge column will be
calibrated.

To validate the calibrated analytical model, two hybrid simulation tests will be performed
on a typical overpass bridge in California for the same recorded ground motion scaled to
represent two levels of seismic risk. In the hybrid simulation procedure, a specimen representing
the bottom half of a bridge column will be treated as the physical portion of a hybrid model of
the bridge, while the rest of the bridge will be treated as the numerical portion of the model.
During the hybrid simulation test the bridge model will be subjected to three sequences of
loading in the following order: (i) gravity load, (ii) recorded ground motion (with three
components: two horizontal and a vertical), and (iii) a truck load moving along the bridge. After
the earthquake response simulation, loads corresponding to a heavy truck placed at the most
critical positions on the bridge will be applied on the hybrid model to investigate, as directly as
possible, if a bridge damaged in an earthquake can safely carry such truck loads. Following the
hybrid simulation tests, physical portions of the hybrid models will be axially tested in the
compression machine to get their remaining axial load capacities.

The calibrated and validated analytical bridge model will be used in the last phase of this
research project to identify parameters that have the greatest influence on the post-earthquake
truck load capacity of a typical modern overpass bridge in California. The post-earthquake traffic
load capacities will be computed for a suite of recorded ground motions typical for bridge sites in
California. Guidelines for bridge post-earthquake inspection, designed to support the decision to
close a bridge to all traffic, to allow only emergency traffic, or to keep the bridge open with or

without restrictions, are proposed on the basis of the outcomes of these analyses.
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Fig. 1.1 Methodology for evaluation of remaining capacity of a bridge to carry traffic load
after earthquake.

1.4 ORGANIZATION OF REPORT

The report contains six chapters. Chapter 2 describes the manner of experimental evaluation of
the residual axial capacity of the bridge column specimens with the earthquake-like damage. The
chapter includes test program along with test results, observations, and findings. The test
program includes aspects of specimen modeling and details, loading protocol, test setup, and

instrumentation details.



Chapter 3 describes the hybrid simulation tests performed on a typical California
overpass bridge for an earthquake and a truck load and the axial tests performed on the physical
portion of the hybrid model. The chapter briefly describes the components and the procedure of a
hybrid simulation, gives the details of the test program, and shows the test results. The test
program includes details of the hybrid model, the loading, the integration algorithm used in
hybrid simulations, the test setup, the geometric transformations necessary to provide proper
communication between the physical and numerical portions of the hybrid model, and the
instrumentation.

Chapter 4 describes the analytical model of a bridge column that was first calibrated
based on results of quasi-static and corresponding axial tests and then validated through hybrid
simulations and corresponding axial tests. Comparison between experimental and analytical
results is given for all tests.

Chapter 5 gives the results of analytically evaluated post-earthquake truck load capacities
of a typical California overpass bridge for a suite of ground motions and a set of important
parameters. The chapter consists of two sections. The first describes the bridge model and the
loading regime for evaluating the truck load capacity. The second section discusses the
parameters that influence the post-earthquake truck load capacity and shows the trends of this
capacity for the most influential parameters.

Finally, Chapter 6 presents a summary of the main findings and conclusions of this

research and provides a brief list of future research directions.



2 Experimental Investigations: Quasi-Static
Tests

2.1 INTRODUCTION

Evaluation of the post-earthquake capacity of a bridge to carry self-weight and traffic loads is
essential for a safe and timely re-opening of the bridge. An experimental program was developed
to investigate the relationship between earthquake-induced damage in reinforced concrete bridge
columns and the capacity of the columns to carry axial load in a damaged condition. The results
obtained from these tests will be used to calibrate a finite element model of the column. Four
scaled models of typical circular bridge columns were tested in two phases. The quasi-static
bidirectional lateral test, the first phase, is designed to induce a controlled amount of lateral
damage. In the quasi-static lateral tests, the cantilever circular specimens were displaced up to a
pre-determined level of lateral displacement ductility. During the tests, the specimens were
displaced in both horizontal directions such that the control point followed a circular orbit in the
horizontal plane. An axial load equal to 10% of the column’s nominal axial load capacity was
maintained during lateral testing. At the end of the lateral tests the column specimens were re-
centered by cycling them at low amplitudes of displacement. The axial test, as the second phase
of the procedure, involved compressing the specimen by axial loading using a force-controlled
compression-tension machine. This was done to determine the axial load capacity of the column
after a controlled amount of lateral load-induced damage. Additionally, a fifth undamaged
column specimen was compressed axially to establish the original axial strength of the column

used to evaluate the loss of column axial strength due to the damage induced by lateral loading.

2.2 EXPERIMENTAL SETUP AND TEST PROGRAM

The following sections summarize the aspects of the experimental program including specimen

modeling and details, loading, test setup, and instrumentation.



2.2.1 Prototype and Model

Prototype highway overpass bridges are chosen based on a study conducted within a PEER
project by Dr. Mark Ketchum. This study, aimed at evaluating the relation between cost of new
bridges and intensity of ground motion (Ketchum et al. 2004), offers a number of typical
Caltrans bridges. These bridges, although not completely detailed, are designed with sufficient
detail to allow for an analytical evaluation of the remaining axial load capacity. Bridges Type 1
and Type 11 (Ketchum et al. 2004), shown in Figure 2.1, typical for short and tall overpass
bridges, respectively, were chosen as prototypes. The bridges are five-span single-column-bent
overpasses with 120-ft (36.58 m) edge spans, 150-ft (45.72 m) inner spans, and a 39-ft (11.89 m)
wide deck. The column heights of bridge Type 1 are 22 ft (6.7 m) and of bridge Type 11 are 50 ft
(15.24 m). The geometry and the reinforcement characteristics of the bridge columns for both
types of bridges are given in Tables 2.1 and 2.2, where D is the column diameter, H/D is the
column aspect ratio, p; is the ratio of the longitudinal reinforcement, and p; is the ratio of the
transverse reinforcement. In this study, only the bridges with circular columns were considered.
The two principal parameters that affect the remaining axial load capacity of bridge
columns (Mackie and Stojadinovic 2005) are the column aspect ratio (H/D) and the column shear
strength (or, transverse reinforcement ratio py). Different possible values of these two parameters,
bounded by the provisions of the Caltrans SDC (Caltrans 2006a), were investigated. Based on
the study, for Type 1 bridge columns these parameters are H/D=4.875 and p; =0.35%,
respectively. The parameters for Type 11 bridge columns are chosen to be H/D=8 and p;
=0.75%. An additional parameter that defines the element properties, the longitudinal

reinforcement ratio py, is chosen to be the same for both column types and equal to 1.2%.

120° T 150° T 150° T 150° T 120°

(a) Bridge Elevation

Fig. 2.1 Prototype Caltrans bridges (Ketchum et al. 2004).
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Table 2.1 Characteristics of bridge Type 1 columns (H=22 ft).

Column type D, [ft] D, [ft] H/D pe[%] p1[%]
A oblong 4.00 4.00 5.5 2.00 1.59
B circular 4.00 4.00 5.5 3.00 2.10
C circular 5.00 5.00 4.4 1.00 1.24
D circular 4.00 6.00 3.7-55 1.00 0.81
E circular 4.00 6.00 3.7-55 200 124
F circular 4.00 6.00 3.7-55 300 1.71
G oblong 5.00 5.00 4.4 2.00 1.92
H oblong 6.00 6.00 3.7 1.00  1.35
I oblong 7.00 7.00 3.1 1.00  1.33
J oblong 5.50 8.25 27-4 1.00 0.98
K oblong 5.50 8.25 27-4 200 1.59
L oblong 7.00 10.50 2.1-3.1 1.00 1.23




Table 2.2 Characteristics of bridge Type 11 columns (H=50 ft).

Column type D, [ft] D, [ft] H/D pc[%] p1[%]

A oblong 4.00 6.00 83-12.5 3.00 1.11
B circular 6.00 6.00 8.33 2.00 1.10
circular 6.00 6.00 8.33 3.00 1.57
circular 7.00 7.00 7.14 1.00  0.73
circular 7.00 7.00 7.14 2.00 145
circular 8.00 8.00 6.25 1.00  0.73
oblong 5.50 8.25 6-9 1.00  0.75
oblong 5.50 8.25 6-9 2.00 0.87
oblong 5.50 8.25 6-9 3.00 1.12
oblong 7.00 1050 4.8-7.2 1.00 0.71
K oblong 7.00 1050 4.8-7.2 2.00 0.87
L oblong 7.00 10.50 4.8-7.2 3.00 1.23

- T O mm g a

—

Types 1 and 11 bridge columns are modeled with specimens referred to here as the
Shear-Short and Base-Column specimens, respectively. The column specimens are cantilever
columns representing the bottom half of the prototype bridge columns. The specimens will be
bilaterally tested in a single curvature bending, assuming an inflection point at column mid-
height. The specimen aspect ratio (L/D) is 2.44 for the Shear-Short Column specimen and 4 for
the Base-Column specimen. The specimen diameters are chosen to be the same for all column
specimens and equal to 16 in. (0.4 m). The selected specimen aspect ratios and diameters give a
height of 39 in. (0.99 m) for the Shear-Short Column specimen and 64 in. (1.62 m) for the Base-
Column specimen. Thus, the prototype Type 1 and Type 11 bridge columns are scaled using a
length scale factor of 3.385 and 4.6875, respectively. The corresponding prototype column
diameters are 4.5 ft and 6.25 ft for Type 1 and Type 11 bridges, respectively. The basic design

parameters for the two types of specimens are summarized in Table 2.3.
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Table 2.3 Design parameters of specimens.

Specimen type Scaling factor D [in] L [in] L/D p[%] p1[%]

Base 4.6875 16 64 4 0.75 1.2

Shear-Short 3.385 16 39 244 035 1.2

The Base-Column specimen is expected to demonstrate pure bending behavior during the
lateral test by forming a plastic hinge at the bottom of the column. Conversely, the Shear-Short
Column specimen is designed such that after some inelastic bending action in the plastic hinge
region of the specimen, a transition to a shear failure mode occurs. Although not shear critical,
the shear-short specimen can develop shear cracks that affect its axial load carrying capacity.
The aforementioned behavior of the specimen is achieved through the selected aspect ratio
(L/D=2.44) and ratio of transverse reinforcement (p=0.35%). The ratio of transverse
reinforcement is markedly smaller than that usually found in modern bridge columns with
similar geometry (typically p; >1%). As such, the design of the shear-short specimen is not in
agreement with Caltrans SDC (Caltrans 2006a). The main goal of testing the Shear-Short
Column specimen is to provide the data for finite element calibration of columns that are not

shear-critical but can develop shear cracks that affect their axial load carrying capacity.

2.2.2 Test Matrix

The experimental research study was developed to establish the effects of earthquake-induced
damage in a bridge column on its residual axial load carrying capacity. In the first stage of the
testing procedure, three Base- and one Shear-Short Column specimens were tested by applying a
bidirectional quasi-static incremental lateral displacement protocol with circular orbits of
displacement up to the predetermined displacement ductility targets of 1.5, 3, 4.5, and 4.5, as
shown in Table 2.4. In the second stage of the testing procedure, an undamaged Base-Column
specimen and the four damaged columns were subjected to a monotonically increasing axial

force up to failure.
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Table 2.4 Test matrix.

Test designation Specimen type Ductility target Test sequences

Base0 Base 0 Axial

Basel5 Base 1.5 Lateral & Axial
Base30 Base 3.0 Lateral & Axial
Base45 Base 4.5 Lateral & Axial
ShearShort45 Shear-Short 4.5 Lateral & Axial

Table 2.4 lists the different tests, each signifying the type of specimen tested, and the
target displacement ductility achieved during the lateral test. For test Base0, the numeral part
indicates that displacement ductility target is zero, which means that there was no lateral test.

This test was purely axial.

2.2.3 Geometry and Reinforcement

The geometry and the reinforcement of the Base-Column specimen are detailed in Figure 2.2.
The specimen is a 16-in. (0.4 m) diameter circular column, 73.75 in. (1.875 m) in height with the
square foundation block (84" x 84"; 2.13 x 2.13 m), 24 in. (0.61 m) high. The effective height of
the column, from the base of the column to the level of lateral load application, is 64 in. (1.625
m). The extension of 9.75” (0.25 m) above the effective height of the column accommodates the
installation of the 0.5-in. (1.3 cm) thick and 16-in. (0.4 m) high steel jacket. The steel jacket
provides an attachment for the actuators at the top of the column.

The column has 12 longitudinal No.4 (13) reinforcing bars placed around its perimeter.
The transverse steel reinforcement is W3.5 continuous spiral with a center to center spacing of
1.25-in. (3.175 cm). The cover is 1/2” (1.3 c¢m) all around.

With a scaling factor of 4.6875 the specimen models half of a 6.25-ft (1.905 m) diameter,
50-ft (15.24 m) tall bridge column. The prototype column has 34 longitudinal No.11 (36)

reinforcing bars and No.8 (025) spiral with a center to center spacing of 6 in. (0.15 m).
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Fig. 2.2 Geometry and reinforcement of Base-Column specimen.

In the case of the Shear-Short Column specimen, Figure 2.3 shows the geometry and the
reinforcement details. The only difference between the two types of specimens is the effective
height and the vertical center to center spacing between spirals. The effective height of the shear-
short specimen is 39 in. (0.99 m), and the vertical center to center spacing between spirals is 2.75
in. (7 cm).

With a scaling factor of 3.385 the specimen models half of a 4.5-ft (1.37 m) diameter, 22-
ft (6.7 m) tall bridge column. The prototype column has 18 longitudinal No.11 (?36) reinforcing
bars and No.8 (25) spiral with a center to center spacing of 18.5 in. (0.47 m).

The basic dimensions and reinforcement for the two types of specimens along with the

characteristics of their prototypes are summarized in Table 2.5.
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Fig. 2.3 Geometry and reinforcement of Shear-Short Column specimen.

Table 2.5 Basic dimensions and reinforcement of models and prototypes.

Column Type D H Longitudinal Bars Transverse Reinforcement
Base Spec. (BS) 16" 64" 12 No.4 Wire3.5 @ 1.25" spa
Prototype for BS 6.25" 50’ 34 No.11 Spiral No.8 @ 6" spa
Shear-Short Spec. (SSS) 16" 39" 12 No.4 Wire3.5 @ 2.75" spa
Prototype for SSS 45" 22 18 No.11 Spiral No.8 @ 18.5" spa

2.2.4 Material Properties

The material properties specification met the requirements in the Caltrans Standard
Specifications (Caltrans 2006b). According to the specification, column longitudinal
reinforcement met the ASTM standard A 706, and spiral reinforcement met the ASTM standard
A 82. The concrete mix was designed to model a prototype mix. To match the parameters of the
prototype without compromising its workability, the aggregate size was scaled from a I-in.
maximum (prototype mix) to a 3/8-in. maximum (scaled mix). The concrete mix was designed
by Caltrans Engineers to reproduce the specified compressive strength, the fracture energy, and

the modulus of elasticity. Table 2.6 shows the specified and actual strengths of the longitudinal



steel, the spiral steel, and the concrete. The specified strength is the minimum permissible
strength. The actual strength is the strength measured from the actual materials used in the test
specimens. The yield strength for the high-strength A 82 wire used for the spiral was defined
according to ASTM specification as the strength corresponding to a strain of 0.005. The details
of the testing procedures and the measured stress-strain response for each material are described

in Appendix A.

Table 2.6 Material properties.

Material Specified [ksi] Actual [ksi]
Steel Yield Ultimate Yield Ultimate
Longitudinal 60 80 70.7 120
Spiral 80 95 106
Concrete 5.0 4.96 to 6.34

2.2.5 Loading Pattern: Quasi-Static Tests

A literature review preceded the selection of an appropriate loading pattern for bilateral quasi-
static tests (Stojadinovic 1995; Kawashima et al. 2006; Schoettler et al. 2006; Chung et al. 2006).
The first step was to identify the bidirectional patterns of loading commonly used in quasi-static
tests. It was observed that the most common patterns of loading are cross equal, cross unequal,

square, rectangular, circular, ellipse, clover leaf, and cross and circle (Fig. 2.4).
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Fig. 2.4 Loading pattern matrix.

In order to define the most suitable pattern of loading for the quasi-static tests, nonlinear
time history analyses were performed on the two existing bridges. Two suites of ground motions
(20 records per suite) representing two different rupture mechanisms were considered: a strike-
slip near-field and a thrust-fault far-field earthquake. Bridge configurations, ground motions, and
bridge responses are given in Appendix B of this document.

The specimens to be tested in a quasi-static manner are cantilever circular columns
(representing half of a bridge column) with the same boundary conditions, fixed free, in any
direction. Thus, the lateral stiffness of the specimen is the same in any direction. On the other
hand, single-column-bent bridges have columns with approximately fixed-fixed boundary
conditions along the longitudinal axis of the bridge and approximately fixed-free boundary
conditions along the transverse axis of the bridge. Consequently, the lateral stiffness of the
bridge column is different in different directions; therefore, an appropriately scaled displacement
history of the prototype (longitudinal and transverse components) applied to the model will not
reproduce the deformation state of the prototype. However, a close correspondence of
deformation states between the model and the prototype can be achieved by normalizing the
displacement history of the prototype by yield displacements, different in different directions,
and inducing the same displacement ductilities in the model. Figure 2.5 shows how the top-of-

the-column orbit plot changes when expressed in terms of displacement ductility.
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Fig. 2.5 Displacement orbits at top of bridge column: (a) absolute displacements,
(b) normalized displacements.

The displacement ductilities at the tops of the columns were traced during nonlinear time
history analyses of the two bridges, and from these a circular loading pattern was chosen (details
are given in Appendix B). The circular loading pattern is defined by two cycles at each
displacement level. In the first cycle, starting from the initial position O, the specimen is
displaced toward position A, after which the circular pattern of displacement in a clockwise
direction follows until the end of the circle, point B. The specimen is then moved back to the
initial position O (red line in Fig. 2.6). In the second cycle path O-C-D-O is followed with
circular path C-D in the counterclockwise direction (blue line in Fig. 2.6).

The displacement increments in the loading history for the quasi-static tests were defined
following the recommendations of the ACI 374.1-05 and SAC/BD-00/10 reports. Based on the
recommendations for a major far-field event, the load history was developed for the two tests
with a ductility target of 4.5: Base45 and ShearShort45. The displacement histories for the lateral
tests Basel5 and Base30 were obtained by scaling the displacement history of the lateral test
Base45 by 0.33 and 0.67, respectively. This way the number of primary cycles in the loading

history was the same for all the tests.
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Fig. 2.6 Loading pattern used for quasi-static lateral displacement tests.

For tests Base45 and ShearShort45, the selected displacement ductility increments were
predicted to be: 0.08, 0.2, 0.4, 1.0, 1.5, 2.0, 3.0, and 4.5. The pre-yield displacement levels
include a displacement level prior to cracking, two levels between cracking and yielding, and a
level approximately corresponding to the first yield of the longitudinal reinforcement. For the
post-yield displacement levels, the magnitude of the subsequent primary displacement level is
determined by multiplying the current level by a factor ranging from 1.25 to 1.5. The primary
displacement levels are increased monotonically to provide an indication of the damage
accumulation. The imposed displacement pattern with the two cycles at each displacement level
provides an indication of the degradation characteristics of the specimen response. In the post-
yield displacement history, each primary displacement level is followed by a small displacement
level equal to one third of the primary displacement level to evaluate intermittent stiffness
degradation. The last primary displacement level is followed by a series of small cycles,
decreasing in magnitude to zero. As a result, there were no residual lateral forces and
displacements in the column at the end of the test and consequently, the column did not move
after the actuators were disconnected from the column. As a result, the specimens were re-
centered at the end of the test.

Figure 2.7 shows the displacement history of test Base45. The yield displacement of the
Base-Column specimens predicted in pre-test analyses (0.55 in. [14 mm]) matched the yield
displacement observed in the tests. Consequently, the actual displacement history of tests
Basel5, Base30, and Base45 matched those predicted. In the case of Shear-Short Column

specimen the predicted yield displacement (0.24 in. — 6 mm) was smaller than the yield
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displacement observed in the test (0.35 in. — 9 mm), so the actual displacement history differs
from the predicted. The actual displacement histories of the primary cycles are shown in Table

2.7.
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Fig. 2.7 Displacement history for test Base45.

Table 2.7 Displacement ductility levels of primary cycles.

Cycles Basel5 Base30 Base45 ShearShort45

Cyclel 0.02 0.05 0.08 0.05
Cycle2 0.06 0.10 0.20 0.13
Cycle3 0.12 0.25 0.40 0.27
Cycle4 0.30 0.60 1.00 0.67
Cycle5 0.45 1.00 1.50 1.00
Cycle6  0.60 1.25 2.00 1.33
Cycle7  1.00 1.80 3.00 2.00
Cycle 8  1.50 3.00 4.50 3.00
Cycle 9 4.50
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2.2.6 Test Setup

In the first phase of the test, lateral and axial loads were applied at the top of the column. The
lateral cyclic load with circular orbits of displacement was applied using the two servo-
controlled hydraulic actuators (Fig. 2.8). An axial load approximately equal to 10% of the
column’s nominal axial load capacity was maintained during the lateral test. This load represents
the typical dead and live loads carried by columns of California overpass bridges. The axial load
was applied through a spreader beam using pressure jacks and post-tensioning rods placed on
each side of the column (Fig. 2.8). Spherical hinges were provided at both ends of the rods in
order to avoid bending of the rods during the bidirectional displacements of the column.
Moreover, a hinge connection was needed between the spreader beam and the column for the
beam to remain horizontal in the plane of the rods during the lateral displacements of the
column. In this way, buckling of the rods was also avoided. The test setup for the quasi-static

tests is further detailed in Appendix C.

Fig. 2.8 Lateral test setup.

In the second phase of the test, the four laterally damaged column specimens and one
undamaged column specimen were compressed axially to induce axial failure in the columns. To
accomplish this, a compression-tension machine with a capacity of 4 million lbs and a constant

rate of loading was used (Fig. 2.9).
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Fig. 2.9 Axial test setup.

2.2.7 Instrumentation

Each specimen was instrumented externally using displacement potentiometers and internally
using strain gages. Externally, the column specimen was instrumented at six levels along the
height in the case of the Shear-Short Column specimen (Fig. 2.10a) and at seven levels along the
height in the case of the Base-Column specimen (Fig. 2.10b), starting from the column base.
Three points at each level (referred to as target points, Fig. 2.11b) were instrumented with three
displacement potentiometers per point. The instruments were connected to the target points of
the column by piano wires (Fig. 2.11). All instruments were attached to the three instrumentation
frames positioned on three sides of the column (Fig. 2.12). The displacements of any target point
at any level of the column were measured in three arbitrary spatial directions and mathematically
transformed to displacements of that point in the global coordinate system, referred to as the
XYZ system. The axes of the global coordinate system are chosen to follow the right-hand rule
with X axis aligned with the spreader beam and Z axis aligned with the column pointing upward.
The measured displacements of the three target points at one level were then used to derive the 6
degrees of freedom (3 displacements and 3 rotations) for the section at that level (Appendix C).
To insure that there were no lateral displacements of the anchor block during the lateral test, the
anchor block was instrumented at three points by displacement potentiometers. The displacement
potentiometers were connected to the small solid aluminum cubes that were glued to the

laboratory floor.
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Fig. 2.10 Externally instrumented levels along heights of specimens.

/Target point

Threaded rods
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Fig. 2.11 Details of instrumented points of specimen: (a) target points and piano wires,
(b) locations of instrumented (target) points at one level.
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Fig. 2.12 Instrumentation frames.
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Fig. 2.13 Strain gage locations.
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Internally, the columns were instrumented at five levels along the height of the column
(Fig. 2.13). At each level strain gages were attached to four out of twelve longitudinal
reinforcing bars. The first level of strain gages was in the foundation zone (Plane 1) and the other
four levels were in the plastic hinge region. The bars with the strain gages attached coincided
with the axes of application of the load. The spiral reinforcement was also instrumented by strain
gages. The positions of the strain gages attached to the spiral reinforcement coincided with the
positions of the strain gages attached to the bars at levels 1a in Figure 2.13.

The axial load setup used for the lateral displacement part of the tests was instrumented
with displacement potentiometers and load cells. The spreader beam was instrumented with the
four displacement potentiometers (wire pots) in X-Y plane (two on each end of the beam) to
measure the lateral displacements of the beam. Additionally, the beam was instrumented with
four displacement potentiometers (DCDTs) to measure the rotation of the beam around X axis.
At each end of the beam two instruments were installed in parallel in the Y-Z plane having
instruments aligned with the Z axis. The post-tensioned rods were instrumented with
displacement potentiometers (one at each rod) to measure relative displacements (4u) of the
rods. From the relative displacement between the two points on the rod with the distance 4/, the

axial force in the rod can be calculated as:

p=2p. 4 2.1)
Al

where E is the modulus of elasticity of the rod and A is the cross-sectional area of the rod. The
load cells were installed at the tops of the pressure jacks to measure the forces applied on the
spreader beam at locations of the pressure jacks.

During the axial load capacity tests, the same internal and external instrumentation
layouts were used as for the quasi-static lateral displacement tests. The compression-tension
machine, in addition to its own displacement potentiometer and a load cell, was externally
instrumented with two displacement potentiometers (on the each side of the machine head) to

measure the vertical displacements of the machine during the test.

2.3 TEST RESULTS

The test results for the four Base-Column specimens and the Shear-Short Column specimen are

presented in this section. The global lateral and axial force-displacement relationships are given
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for the lateral and the axial test sequences, respectively. The lateral load-displacement
relationships for the two major directions (X and Y) indicate the extent of nonlinearity in the
specimen and show the degradation characteristics of the specimen during lateral loading. The
axial force-displacement relationships provide the axial strength of the specimens with a certain
amount of laterally induced damage. The force-displacement relationships are accompanied by
figures that show the intermediate and final states of the tested columns.

To summarize the experimental results, the axial strengths of damaged Base-Column
specimens are normalized with respect to their original axial strengths and shown with respect to
the target displacement ductility levels of the specimens. Additionally, the influence of different
geometry (aspect ratio) and transverse reinforcement ratio in the Base and Shear-Short Column
specimens on their residual axial strengths is shown in terms of the axial load-displacement

relationships.

2.3.1 Test Results for Base-Column Specimens

The test results for the Base-Column specimens are shown in the following order: Base0,
Basel5, Base30, and Base45. The results from the lateral load sequence of a test are followed by
the results of the axial load sequence. The exception is test BaseO that had only the axial load

sequence.

2.3.1.1 Test Basel

Test Base0 was performed to establish the axial strength of a laterally undamaged column
specimen. The axial strength obtained from the test was used to normalize the axial strength of
the laterally damaged columns. As a result, the reduction in the axial load carrying capacities of
the columns due to laterally induced damage was evaluated. Additionally, the test results are
used to calibrate the analytical model.

Figure 2.14(a) shows the axial force-deformation relationship of the Base-Column
specimen that was monotonically compressed to induce the axial failure of the column. To
accomplish this, a force-controlled compression-tension machine with a capacity of 4 million lbs

in compression was used. The damaged state of the column is shown in Figure 2.14(b). The axial
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failure resulted from the formation of the shear failure plane at the bottom of the column. The

axial strength of the tested specimen, designated as Py, was 1459 kips (6490 kN).
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Fig. 2.14 Axial force-displacement relationship and state of specimen after Base( test.

2.3.1.2 Test Basel5

In test Basel5, the specimen was laterally loaded up to the displacement ductility level of 1.5,
inducing yielding in the specimen. After reaching the target ductility displacement the column
was re-centered by cycling it with very low amplitudes of displacement. The lateral test was
followed by the axial compression test to get the axial strength of the laterally damaged column.
The lateral force-displacement response curves for the two major directions of loading (X
and Y) are shown in Figure 2.15. It can be observed that the column has just entered its nonlinear
response range. The state of the column (the bottom 22 in.) at the target displacement ductility
level, p = 1.5, and at the end of the test are shown in Figure 2.16 and Figure 2.17, respectively.
At the maximum (target) level of displacement the widths of the horizontal cracks, uniformly
distributed along the height of the column, were less than 1/32 in. (Fig. 2.16). The distance
between the cracks along the height of the column was approximately 6 in. The width of the
cracks gradually increased from the top to the bottom of the column. There were no visible

cracks at the end of the test (Fig. 2.17).
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Figure 2.18(a) shows the axial force-deformation relationship of the specimen after the
axial sequence of loading. The damaged state of the column is shown in Figure 2.18(b). The
axial failure resulted from the formation of the shear failure plane in the middle of the column.
The axial strength of the tested specimen, designated as P, was 1137 kips (5057 kN). The ratio
of the residual to original axial strength of the column, P;/Py, is 0.78. Thus, the reduction of the
axial strength is 22%.

The measurements from the strain gages installed on the longitudinal bars indicated the
inclination of the specimen (1% drift) during the axial sequence of the test. Although the
specimen was re-centered after the lateral test, it was not properly leveled during its preparation
for the axial test. Thus, the observed reduction of the axial strength was caused by: (i) the
material damage laterally induced in the specimen and (ii) the geometric imperfection of the
specimen during the axial test. The position of the shear failure plane formed in the axial
compression test indicates the predominant influence of geometric imperfection on the reduction

of the specimen axial strength.
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Fig. 2.15 Lateral force-displacement response curves in two major directions (X and Y)
for BaselS test.
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(a) North-East (b) North-West

(c) South-West (d) South-East

Fig. 2.16 State of specimen at maximum displacement level during lateral sequence of
Basels test.

28



(a) North-East (b) North-West

(c) South-West (d) South-East

Fig. 2.17 State of specimen at end of lateral sequence of Basel$ test.
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Fig. 2.18 Axial force-displacement relationship and state of specimen after axial sequence
of Basels test.

2.3.1.3 Test Base30

In test Base30, the specimen was laterally loaded up to the displacement ductility level of 3.0 to
induce significant yielding and strain hardening of the steel and to initiate spalling of the
concrete. After reaching the target ductility displacement, the column was re-centered. The
lateral test was followed by the axial compression test to get the axial strength of the laterally
damaged column.

The lateral force-displacement response curves for the two major directions of loading (X
and Y) are given in Figure 2.19. From the hysteresis curves it can be observed that the extent of
nonlinearity is significant. After yielding, specimen stiffness degraded with each cycle of
loading. The lateral strength of the column slightly increased with increase in the displacement
level due to strain hardening of the steel.

The state of the column (the bottom 22 in.) at the target displacement ductility level, p =
3.0, is shown in Figure 2.20 and at the end of the test is shown in Figure 2.21. In the plastic hinge
region of the column (the bottom 12 in.) the distance between the cracks was 3 in. on average
and the maximum width of the cracks during the test was approximately 1/16 in. Outside the

plastic hinge region the distance between the cracks was 6 in. on average with the widths of the
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cracks less than 1/32 in. Figure 2.21 shows horizontal cracks, vertical cracks, and some spalling
of concrete at the bottom 8 in. of the column at the end of the test.

Figure 2.22(a) shows the axial force-deformation relationship of the specimen after the
axial sequence of loading. The damaged state of the column is shown in Figure 2.22(b). The
axial failure resulted from the formation of the shear failure plane at the bottom of the column.
The axial strength of the tested specimen, designated as P,, was 1355 kips (6027 kN). The ratio

of the residual to original axial strength of the column, P,/Py, is 0.93. Thus, the reduction of the

axial strength is 7%.
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Fig. 2.19 Lateral force-displacement response curves in two major directions (X and Y)
for Base30 test.
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(a) North-East (b) North-West

(c) South-West (d) South-East

Fig. 2.20 State of specimen at maximum displacement level during lateral sequence
Base30 test.
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(a) North-East (b) North-West

(c) South-West (d) South-East

Fig. 2.21 State of specimen at end of lateral sequence of Base30 test.
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Fig. 2.22 Axial force-displacement relationship and state of specimen after axial sequence
of Base30 test.

2.3.1.4 Test Base45

In test Base45, the specimen was laterally loaded up to the displacement ductility level of 4.5,
inducing extensive yielding of the steel, and spalling of concrete, as well as a reduction in
volume of the concrete core in the plastic hinge region. After reaching the target ductility
displacement, the column was re-centered. The lateral test was followed by the axial
compression test to get the axial strength of the laterally damaged column.

The lateral force-displacement response curves for the two major directions of loading (X
and Y) are given in Figure 2.23. From the hysteresis curves it can be observed that the nonlinear
range of behavior is extensive. After passing the yield point, the stiffness degraded gradually
with each cycle of loading. The lateral strength of the column slightly increased with increase in
the displacement level due to the strain hardening of the steel. In the last cycle of loading at the

target displacement ductility level, a small amount of hysteresis loop pinching was observed.
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Fig. 2.23 Lateral force-displacement response curves in two major directions (X and Y)
for Base4S test.

The state of the column (the bottom 22 in.) at the target displacement ductility level, p =
4.5, 1s shown in Figure 2.24 and at the end of the test is shown in Figure 2.25. The specimen was
scanned using a laser scanner after the test and deviation of the column surface (for the bottom
50 in. of the column) from the perfect cylinder with the diameter of 16 in. is shown in Figure
2.26. The maximum deviation of the column surface from the prefect cylinder was between 0.68
in. and 0.86 in. It is bigger than the concrete cover (0.5 in.); thus the concrete core was damaged
as well. No bar buckling or spiral fractures were observed.

Based on the crack distribution along the height of the column during the test, the column
can be divided into three regions: (i) the plastic hinge region (the bottom 12 in. of column), (ii)
the intermediate region (12 in. of the column next to the plastic hinge region), and (ii1) the elastic
region (the top 40 in. of the column). In the plastic hinge region the distance between the cracks
was 3 in. on average and the maximum width of the cracks during the test was approximately 1/8
in. (Fig. 2.24). Very extensive spalling of concrete and a reduction in volume of the concrete
core were observed (Fig. 2.25). In the intermediate region the distance between the cracks was 4
in. on average, with the widths of the cracks less than 1/16 in. In the elastic region the distance

between the cracks was 6 in. on average, with the widths of the cracks less than 1/32 in.
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(a) North-East (b) North-West

(c) South-West (d) South-East

Fig. 2.24 State of specimen at maximum displacement level during lateral sequence of
Baseds test.
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(a) North-East

(c) South-West (d) South-East

Fig. 2.25 State of specimen at end of lateral sequence of Base45 test.
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Fig. 2.26 Deviation of column surface from a perfect cylinder with diameter of 16 in.;
after lateral sequence of Base45 test.

Figure 2.27 shows profiles of displacements, rotations, and average curvatures for the
primary displacement ductility levels: 1.0, 1.5, 2.0, 3.0, and 4.5. There is a significant increase of
rotation and curvature at the bottom of the column with the increase of the displacement ductility

level. The results indicate the location and extent of plastic deformations in the specimen.
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Fig. 2.27 Profiles of peak displacements, rotations, and average curvatures for test Base45.
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Figure 2.28(a) shows the axial force-deformation relationship of the specimen after the
axial sequence of loading. The damaged state of the column is shown in Figure 2.28(b). The
axial failure resulted from the formation of the shear failure plane along the total height of the
column. The axial strength of the tested specimen, designated as Ps, was 1170 kips (5204 kN).
The ratio of the residual to original axial strength of the column, Ps/Py, is 0.80. Thus, the

reduction of the axial strength is approximately 20%.
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Fig. 2.28 Axial force-displacement relationship and state of specimen after axial sequence
of Base4S5 test.

2.3.1.5 Degradation of the Axial Strength with Accumulation of Laterally Induced Damage

The axial force-displacement relationships from the axial sequences of loading on the Base-
Column specimens are given on the same graph (Fig. 2.29) to show how axial strength and
stiffness change for different target displacement ductility levels. Additionally, Figure 2.30
shows how the remaining axial strength of the specimens changes with the increase of the target
displacement ductility level. It is observed that both the axial strength and stiffness degrade with
the increase in the amount of the laterally induced damage or the target displacement ductility
level.

During the axial sequence of loading, the specimen that was laterally tested up to the

displacement ductility level of 1.5 had geometric imperfections in addition to slight material
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damage. As a consequence, a more pronounced degradation of the axial strength is observed.
This result shows the significance of the residual displacement of the bridge column on its post-

earthquake axial strength.
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Fig. 2.29 Comparison of axial force-displacement relationships for tests Base0, BaselS5,
Base30, and Base45.
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Fig. 2.30 Degradation of axial strength of laterally damaged specimens.
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2.3.2 Test Results for Shear-Short Column Specimen

In the test ShearShort45, the specimen was laterally loaded up to the displacement ductility level
of 4.5, inducing fracture of spiral reinforcement, buckling of all the longitudinal bars, and
crushing of the concrete core in the plastic hinge region. The column was re-centered after
reaching the target ductility displacement. The lateral test was followed by the axial compression
test to get the axial strength of the laterally damaged column.

The lateral force-displacement response curves for the two major directions of loading (X
and Y) are given in Figure 2.31. The transition from predominant bending to shear behavior of
the column occurred at the displacement ductility level of 2 and can be observed from the
hysteresis curves (Fig. 2.31). The lateral strength degradation of the column after this
displacement ductility level was reached indicates the transition in the column behavior from
bending into shear. The first cycle of loading at the displacement ductility level of 4.5 initiated

the failure of the column, which progressed rapidly in the second cycle of loading.
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Fig. 2.31 Lateral force-displacement response curves in two major directions (X and Y)
for ShearShort4S test.

The state of the column (the bottom 22 in.) at the displacement ductility level of 3 is
shown in Figure 2.32, and at the end of the test in Figure 2.33. Wide horizontal and diagonal
cracks as well as extensive spalling of the concrete are observed at the displacement ductility

level of 3 (Fig. 2.32). The bending-shear failure of the column occurred at the target
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displacement ductility level, p = 4.5. The bending-shear failure of the column was initiated by
the fracture of spiral reinforcement in the plastic hinge region, followed by a buckling sequence
of the reinforcing bars, and crushing of the concrete as the specimen was cycled through the test

loading pattern.

(c) South-West (d) South-East

Fig. 2.32 State of specimen after displacement ductility level of 3 during ShearShort45
test.
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(c) South-West (d) South-East

Fig. 2.33 State of specimen at end of lateral sequence of ShearShort45 test.

Figure 2.34(a) shows the axial force-deformation relationship of the specimen after the
axial sequence of loading. The damaged state of the column is shown in Figure 2.34(b). The
axial failure resulted from the crushing of the concrete core in the plastic hinge region. The axial
strength of the tested specimen was 289 kips (1285 kN). The ratio of the residual to original axial
strength of the column is 0.20. Thus, the reduction of the axial strength is 80%. The original
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strength of the column is calculated analytically based on the model (given in Chaper 4) that was

calibrated using the data of test BaseO.
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Fig. 2.34 Axial force-displacement relationship and state of specimen after axial sequence
of ShearShort45 test.

2.3.3 Comparison of Test Results from Base45 and ShearShort45 Tests

The results from the two types of columns, the Base- and Shear-Short Column specimens loaded
up to the same displacement ductility level of 4.5 are compared in this section. The hysteresis
curves from the lateral tests are given in Figure 2.35, and axial force-displacement relationships,
in Figure 2.36. For the purpose of comparison, the axial forces of the laterally damaged columns
are normalized by the axial strengths of the undamaged columns.

The hysteresis curves from the lateral tests show significantly higher lateral strength and
stiffness for the Shear-Short Column specimen compared to the Base-Column specimen. These
differences originate from the different aspect ratios of the two types of columns. On the other
hand, the Base-Column specimen reaches the target ductility level of 4.5 without major damage,
while the Shear-Short Column specimen fails at the same target ductility level. This difference in
the response originates from the difference in the transverse reinforcement ratios and aspect

ratios between the two types of columns. The ratios of the residual axial strengths to the original
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axial strengths for the Base- and Shear-Short Column specimens are 0.8 and 0.2, respectively

(Fig. 2.36).
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Fig. 2.35 Lateral force-displacement response curves in two major directions (X and Y)
for ShearShort45 and Base4S5 tests.
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3 Experimental Investigations: Hybrid
Simulation Tests

3.1 INTRODUCTION

The hybrid simulation test method, formerly also called the pseudo-dynamic test method and the
online computer-controlled test method, is an experimental testing technique conducted on a
hybrid model that can be used for evaluating and analyzing the performance of structures under
dynamic loads. The hybrid model consists of consistently scaled physical and numerical
components of a structural system integrated into a single model by enforcing the displacement
compatibility and the force equilibrium at the shared nodes. The dynamic equation of
equilibrium of the hybrid model is solved during a hybrid simulation in the time domain using a
step-by-step integration method. During the simulation the physical portions of the overall
hybrid model are tested in the laboratory using computer-controlled actuators, while the
numerical portions are simultaneously analyzed on one or more computers. As such, hybrid
simulation may be viewed as an advanced form of actuator-based testing, where the loading
histories for the physical components of the model are determined during the course of an
experiment. Alternatively, hybrid simulation can also be considered as a conventional finite
element analysis, where physical models of some portions of the structure are embedded in the
numerical model.

Hybrid simulation is a unique way to experimentally evaluate the post-earthquake traffic
load capacity of a bridge. Using hybrid simulation, a reasonably large-scale model of a bridge
can be subjected to an earthquake excitation, damaged, and then loaded with traffic load that is
increased until the model fails in order to establish its remaining capacity. While such tests could
be conceived on a shaking table or in the field, obstacles to such tests are significant. If a shaking
table is used, the scale of the bridge model may be too small to represent a prototype, and the
risk of collapse and damage to the shaking table in a post-earthquake capacity test using a model

traffic load may be unacceptably large. It is conceivable to conduct a field test on a bridge that is



damaged after a real earthquake by loading it with ballast until collapse, but such opportunities
are rare and costly. Thus, hybrid simulation emerges as the best way to experimentally assess the
capacity of a bridge structure to carry traffic loads after an earthquake.

In this study, two hybrid simulation tests are performed to assess the ability of the PEER
Testbed bridge (Type 11 bridge from Ketchum et al. 2004) to carry traffic loads after an
earthquake. The principal difference between these two simulations is the level of seismic
demand. Since the Type 11 bridge investigated in this study does not have a specific location
(site), selection of ground motion intensity such that it has a certain probability of being
exceeded in a given time period is not possible. Therefore, ground motion intensity for the
hybrid simulations was selected such that two different damage states are induced in the physical
model of the column: (i) a moderate damage state corresponding to a maximum column
displacement ductility demand of approximately 4 and (ii) a significant damage state
corresponding to a maximum column displacement ductility demand of approximately 6.
Following the earthquake loading, the hybrid model of the PEER testbed bridge was loaded with
a model traffic load represented by a P13 truck (Caltrans 2004). The critical positions of the
truck were pre-determined using the influence lines for the undamaged bridge. The truck load
was increased to 150% of its nominal weight and returned to zero. Since the column specimens,
which are the physical portions of the hybrid models, did not collapse, they were subsequently
tested to collapse in a compression test to evaluate the remaining axial load capacity of columns
with damage caused by actual earthquake ground motion instead of a quasi-static cyclic loading

pattern.

3.2 COMPONENTS AND PROCEDURE OF HYBRID SIMULATION

To perform a hybrid simulation, four key components including software and hardware are
necessary. These interacting components are shown in Figure 3.1, and are described next.

The first component is a discrete model of the structure to be analyzed on a computer,
including the static and the dynamic loading. The finite element method is used to discretize the
problem spatially and a time-stepping integration algorithm is then used for the time
discretization. The resulting dynamic equations of motion for the finite number of discrete

degrees of freedom are a system of second-order time ordinary differential equations.
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In the above equations M is the mass matrix assembled from the nodal and element mass
matrices, U is the acceleration vector at the structural degrees of freedom, C is the viscous
damping matrix, U is the velocity vector at the structural degrees of freedom, P are the

assembled element-resisting forces (which depend on the displacements), P are the externally

applied nodal loads, and P, are the assembled element loads.

The second required component is a transfer system consisting of a controller and
actuators, so that the incremental displacements determined by the time-stepping integration
algorithm can be applied to the physical portions of the structure. Quasi-static testing equipment
is used for this purpose.

The third major component is the physical specimen that is being tested in the laboratory
and a support against which the actuators of the transfer system can react against.

The fourth and last component is a data acquisition system including displacement
transducers and load cells. The data acquisition system is responsible for measuring the response
of the test specimen and returning the resisting forces to the time-stepping integration algorithm

to advance the solution to the next analysis step.

Discrete FE-Model
with static & dynamic loading

Reaction
Wall
P
Q@
C——=0
coo DA/AD = Specimen
=Tc—7) disp =
<> © force =
FE-Software with Controller &
Integration Algorithm Daq System

Fig. 3.1 Key components of hybrid simulation.
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In the hybrid simulation procedure, a specimen representing the bottom half of a bridge
column (shown in green in Fig. 3.1) is treated as the physical portion of a hybrid model of the
bridge, while the rest of the bridge is treated as the numerical portion of the model. During the
hybrid simulation test the bridge model was subjected to three sequences of loading in the
following order: (i) gravity load, (ii) recorded ground motion (with its three components: two
horizontal and a vertical), and (iii) a truck load moving along the bridge. For each integration
time step, the dynamics of the discrete model of the bridge structure is used to compute the
displacements that are to be imposed at the top of the specimen. Using a controller and actuators
these displacements are then applied on the physical model. The corresponding reactions
(resisting forces) are measured using load cells and passed to the data acquisition system (Daq
system) that returns them to the time-stepping integration algorithm to advance the solution to
the next analysis step.

To perform the hybrid simulation, the Open System for Earthquake Engineering
Simulation, OpenSees (McKenna, 1997), is used as a finite element software to model and
analyze the bridge structure. The Open-source Framework for Experimental Setup and Control,
OpenFresco (Schellenberg 2008), is used as a middleware to connect the finite element analysis

software with a control and data acquisition software.

3.3 EXPERIMENTAL SETUP AND TEST PROGRAM

The experimental setup and test program of two hybrid simulation tests that are followed by the
axial compression test to failure of the specimens are described in the six subsections that follow.
The test matrix of hybrid simulations and axial tests is given in the first subsection. The details of
a hybrid model of a bridge and a loading that the bridge undergoes during hybrid simulations are
given in the second subsection. The third subsection presents the integration algorithm used to
solve the dynamics of the hybrid model. The fourth subsection describes the test setup for the
hybrid simulations and the axial compression tests. The geometric transformations from the
numerical to the physical portion of the hybrid model, and vice versa, are described in the fifth
subsection. The sixth and final subsection summarizes the instrumentation used during the

hybrid simulations and the axial tests.
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3.3.1 Test Matrix

Two hybrid simulation tests are conducted at the nees@berkeley Network for Earthquake
Engineering Simulation (NEES) Equipment Site. The hybrid simulation tests are performed on
the same bridge for the same recorded ground motion (see Section 3.3.2.3) scaled to represent
two levels of seismic intensity: moderate and high. Following the hybrid simulation tests, the
physical portions of the hybrid models were tested in axial compression to evaluate their
remaining gravity load carrying capacity.

The ground motion selected for both hybrid simulation tests was the Whittier Narrows
motion (designated as vvnuy in Appendix D). To generate a moderate seismic intensity
excitation, the acceleration intensity of the recorded Whittier Narrows ground motion was
increased 2.3 times without changing its time scale. Such intensity-scaled earthquake loading
produced the maximum displacement ductilities of the bridge columns in the major lateral axes
X and Y of 3 and 4, respectively. To generate a high seismic intensity excitation, the acceleration
intensity of the recorded Whittier Narrows ground motion was increased 3.3 times. Such scaled
earthquake loading produced the maximum displacement ductilities of the bridge columns in the
major lateral axes X and Y of 4.7 and 6.7, respectively.

The moderate-intensity hybrid simulation test had two sequences of loading: the gravity
and the earthquake load. It was performed to validate the analytical modeling of the numerical
components of the hybrid model and to access the remaining axial strength of the bridge columns
after a moderately strong earthquake. The high-intensity hybrid simulation test used the validated
finite element model of the bridge. It had three sequences of loading: the gravity, the earthquake,
and the truck load moving along the bridge after the earthquake. This test allowed observation of
bridge capacity to carry a truck load immediately after a very strong earthquake.

The designations of the hybrid simulations and the load sequences are provided in Table
3.1. The first two letters designate the type of test: (HS for hybrid simulation) and the third letter

specifies the seismic intensity (M for moderate, H for high).
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Table 3.1 Test matrix.

Test Ductility Ductility Truck Test

designation demandin X demandinY load sequences

Hybrid Sim. &
Axial

HSM 3.0 4.0 -

P13 (Caltrans Hybrid Sim. &
2004) Axial

HSH 4.7 6.7

3.3.2 Hybrid Model and Loading

The configuration of the bridge used in the hybrid simulations corresponds to bridge Type 11 in
Ketchum et al. (2004). It is a straight, cast-in-place box girder bridge with five spans and single-
column bents, and no skew of the deck at the bridge abutments.

In the hybrid simulation procedure, a specimen representing the bottom half of an end
bridge column is treated as the physical portion of a hybrid model of the bridge, while the rest of
the bridge, comprising its deck, the abutments, both interior bridge columns, and the remaining
end column, is treated as the numerical portion of the model (Fig. 3.2). Two important decisions
were made in the process of establishing the hybrid model of the bridge. The first decision
relates to the choice of the portion of the bridge to be physically modeled. As one of the goals of
the hybrid simulation is to validate the analytical model, the portion of the bridge that undergoes
the most extensive damage under the specified load is chosen to be physically modeled. For the
bridge under consideration, an end column is chosen over an inner column because the end
column attracts larger seismic forces (has a higher energy dissipation demand) than an interior
column for the same displacement demand. The end columns attract larger seismic forces than
the inner columns due to the higher tributary mass. The second decision relates to the scaling
factors for both the physical and the numerical portions of the bridge. The scaling factor is
determined based on laboratory constraints and economic feasibility while taking care that the
size effects are not pronounced. The numerical portion of the model represents the portion of the

bridge in its full scale. The physical portion of the bridge is scaled down 4.6875 times.
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Fig. 3.2 Physical and numerical portions of hybrid bridge model.

3.3.2.1 Physical Portion of Hybrid Model: Geometry, Reinforcement and Materials

The geometry and the dimensions, as well as the reinforcement of the physical portion of the
hybrid model, also referred to as the experimental element, or specimen, are detailed in Figure
3.3. The two hybrid simulation specimens are essentially identical to the quasi-statically tested
specimens discussed in Chapter 2, but for the top portion of the specimens that was made taller
to accommodate the attachment of the actuators. Each specimen is a 16-in. (0.4 m) diameter
circular reinforced concrete column, 89.5 in. (2.27 m) in height with a square foundation block
(84" x 84"; 2.13 x 2.13 m) 24 in. (0.61 m) high. The effective height of the column, from the
base of the column to the level of the lateral load application, is 64 in. (1.625 m). The extension
of 25.5 in. (0.65 m) above the effective height of the column accommodates the installation of
the 1 in. (2.54 cm) thick and 31.75 in. (0.8 m) high steel jacket. The steel jacket provides an
attachment for the actuators at the top of the column.

The column has 12 longitudinal No.4 (@13) reinforcing bars placed around its perimeter.
The transverse steel reinforcement is W3.5 continuous spiral with a center to center spacing of
1.25-in. (3.175 cm). The cover is 1/2” (1.3 cm) all around. The basic dimensions and

reinforcement of the specimen are summarized in Table 3.2.

53



1" (0.025 m)
| O

3 255 (0.65 m)
313" (0.8 m)

1o

- teel jacket rj Clear Cover to Spiral
{ ] 12 No. 4
64" (1.625 m) 16"
g ] |
34" (0.86 m) | W3.5 Continuous
| Spiral @ 1.25"
{ g_“é 24" (0.61 m)
84" (2.13 m)

(a) Elevation (b) Cross section (A-A)

Fig. 3.3 Geometry and reinforcement of specimens tested in hybrid simulation.

Table 3.2 Basic dimensions and reinforcement of specimens tested in hybrid simulation.

Diameter Height Longitudinal Bars Transverse Reinforcement

16" (0.4m) 64" (1.625m) 12 No.4 (913) Wire3.5 @ 1.25" spa

The materials used for the hybrid simulation specimens are the same as for the specimens
tested in a quasi-static manner (see Section 2.3.3). In summary, the specified and actual strengths

of the longitudinal steel, the spiral steel, and the concrete are given in Table 3.3.
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Table 3.3 Material properties of specimens tested in hybrid simulation.

Material Specified [ksi] Actual [ksi]
Steel Yield Ultimate Yield Ultimate
Longitudinal 60 80 70.7 120
Spiral 80 95 106
Concrete 5.0 6.21 to 6.39

3.3.2.2 Numerical Portion of Hybrid Model: Geometry, Reinforcement and Analytical
Modeling

Since the numerical portion of the bridge is modeled in full scale, its configuration corresponds
to bridge Type 11 in Ketchum et al. (2004). In summary, it is a straight, cast-in-place box girder
bridge with five spans and single-column bents. The bridge has three internal spans of 150’
(45.72 m), two external spans of 120" (36.58 m), a 39’ (11.9 m) wide deck, and 50’ (15.24 m) tall
circular columns 6’- 3” (1.9 m) in diameter. The superstructure is a pre-stressed (CIP/PS) 2-cell
box girder supported on neoprene bearing pads under each of the three box webs. Bridge
elevation and column cross section are given in Figure 2.1 (Chapter 2). Deck cross section
dimensions are shown in Figure 3.4.

| 39!_0!! |

“ lv_s%n 18'-0%‘" ‘ 18'-0%" 1'-

A
Kiw

n

f \\ 1-0" / o

11-6" I 11-6"
| I I

5'-6" 2‘-6" 2'-6" 5'-6"

Fig. 3.4 Deck cross section (Ketchum et al. 2004).

The reinforcement of a column consists of longitudinal bars placed around its perimeter

and a continuous spiral encasing the longitudinal bars. Each column has 34 longitudinal No.11
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(936) reinforcing bars and No.8 (925) spiral with a center to center spacing of 6 in. (0.15 m).
Such reinforcement layout gives the longitudinal reinforcement ratio of 1.2% and transverse
reinforcement ratio of 0.75%. The cover is 2" (5.1 cm) all around.

The superstructure reinforcement is detailed in Ketchum et al. (2004). In summary, the
two-cell box girder contains two layers of longitudinal reinforcing bars in the deck, soffit, and
girders, additional mild steel in the deck and soffit over the bents, and post-tensioned steel to
provide a 7,000 kips (31,000 kN) pre-stressing force. A cover depth of 1.5 in. (3.8 cm) is used.

To model the numerical portion of the bridge, a three-dimensional nonlinear finite
element model was developed. It is a spine model of the numerical portion of the bridge structure
with line elements located at the centroid of the cross section following the alignment of the
bridge (Fig. 3.5). Three-dimensional beam-column elements with corresponding cross-sectional
properties were used to model the superstructure and columns. All six degrees of freedom were
restrained at the base of the columns. Single point constraints against displacement in the vertical
direction (vertical support) and the rotation about the superstructure longitudinal axis (full
torsional restraint) were defined at the superstructure ends to model the bridge abutments. The

PEER finite element platform OpenSees (http://opensees.berkeley.edu) was utilized.

=

Experimental
element

Fig. 3.5 Analytical model of numerical portion of hybrid bridge model.

The superstructure and columns were modeled with nonlinear beam-column elements
that are based on force formulation and consider the spread of plasticity along the element. The
element is a line element with integration points at the element ends and along the element
length. A fiber cross section, assigned to each integration point, was generated to explicitly
account for longitudinal reinforcing bar placement and the effects of unconfined and confined

concrete. Each material in the cross section was assigned a uniaxial stress-strain relationship.
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The columns were modeled with two types of elements. The top of the column with the
length Hgp (Fig. 3.6) representing the portion of the column embedded in the superstructure is
modeled as a rigid link. The remainder of the column with the length Hc, (Fig. 3.6) is modeled
with nonlinear beam-column elements. Two elements of equal lengths, each having five
integration points, were defined for each column. The integration points along an element were
distributed following the Gauss-Lobatto integration rule. The fiber section was divided into three
parts: reinforcing steel, concrete cover, and concrete core, each assigned a uniaxial stress-strain
relationship. The reinforcing steel was modeled by a Giuffre-Menegotto-Pinto uniaxial strain-
hardening material model (Taucer et al. 1991) designated in OpenSees as Steel02. The concrete
constitutive models were based on the Kent-Scott-Park model (Kent and Park 1971) designated
in OpenSees as Concrete01. To define concrete material models the compressive strength of the
unconfined concrete was adopted from the concrete cylinder tests performed on the day of the
hybrid simulation test (Appendix A). Reinforcing steel and concrete material models are
calibrated based on results of lateral quasi-static tests and corresponding axial tests performed on
models of bridge columns. Parameters that define the material models are given and described in
Chapter 4 of this document. Although the effect of shear is not significant in tall columns
reinforced following SDC, it is accounted for through aggregation of an elastic-plastic shear
force-deformation relationship with the fiber column section at each integration point of the
beam-column elements. The shear strength and stiffness are calculated following equations from

Section 3.6 in Caltrans SDC (Caltrans 2006a).
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Fig. 3.6 Column model geometry.
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Each span of the superstructure was defined with two nonlinear beam-column elements
of equal lengths, each having three integration points. Integration points were assigned at
element ends and in the middle of the element. Integration weights were equal to 1/6 for the end
points and 4/6 for the middle point. The constitutive models used for the deck elements are the
same as those used for the column elements. However, there is a difference in the strain-
hardening ratio for the reinforcing steel. It is 0.015 for the deck elements. Although this bridge is
classified by Caltrans SDC (Caltrans 2006a) as an “Ordinary Standard Bridge” whose reduction
of the torsional moment of inertia (J) is not required, the torsional moment of inertia is reduced
50% to accommodate the full torsional restraint at the superstructure ends, which is
underconservative. Thus, the deck torsional response about its longitudinal axis was assumed to
be elasto-plastic with an initial elastic stiffness of 0.5GJ/L. The torsional stress-strain
relationship was aggregated with the deck sections at all integration points along the
superstructure beam-column elements.

To perform a hybrid simulation of the bridge for an earthquake, all bridge elements had a
distributed mass assigned along their lengths. Based on this distributed mass OpenSees
automatically calculates the translational mass of all longitudinal elements in the three global
directions of the bridge (longitudinal, transverse, and vertical) and assigns them as lumped
masses at each node based on tributary lengths. The rotational mass (mass moment of inertia) for
the superstructure is not generated automatically so it was assigned manually at each node. The
assignment of superstructure rotational mass helps represent the dynamic response and modes of
the bridge associated with the transverse direction of the bridge with the greater accuracy. The
damping is modeled using Rayleigh damping coefficients that are mass and stiffness
proportional. The first two modal periods of the bridge system, assuming the same damping ratio
of 3% for both modes, are used to calculate Rayleigh damping coefficients.

The effects of column axial loads acting through large lateral displacements, known as P-
A or second-order effects, are included while analyzing the bridge system. The consideration of
P-A effects helps identify the structural instability hazard of the bridge by capturing the
degradation of strength and the amplification of the demand on the column bents, caused by the

relative displacement between the column top and bottom.
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3.3.2.3 Loading

During the hybrid simulation test HSM the bridge was exposed to two sequences of loading:
gravity load and earthquake load, while during the hybrid simulation test HSH there were three
sequences of loading: gravity load, earthquake load, and truck load. The ground motion record
with its three components of acceleration (two orthogonal horizontal components and one
vertical) is shown in Figure 3.7. The ground motion record was scaled by 2.3 and 3.3 during the
hybrid simulations HSM and HSH, respectively. To simulate the truck load on the bridge, the
P13 truck (Caltrans 2004) was used. It is a seven-axle truck (Fig. 3.8) with a fixed spacing of 18
ft (5.5 m) between the axles.

The truck load on the bridge is simulated by two sets of forces applied at superstructure
elements in order to capture the location of the truck in the outermost lane of the bridge roadway.
A vertical set of forces corresponds to the truck weight at its axle locations: seven concentric
forces with magnitudes that follow the ratio 0.54:1:1:1:1:1:1. A torsional set of forces
corresponds to concentric torsional loads at axle locations of the truck generated by an eccentric
position of the truck relative to the superstructure centerline (Fig. 3.9). During hybrid simulation
of the truck load on the bridge, the truck was occupying the outermost (curb) lane on the bridge
and the load was monotonically increasing from zero to full P13 truck weight scaled by 1.5. The
truck load was applied in four sequences that correspond to four truck positions on the bridge
(Fig. 3.10). The truck was moved through four positions along the bridge to induce either
maximum axial force or bending moment in the end bridge column that consist of an

experimental and an analytical element.
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(b) Horizontal component of ground motion: longitudinal bridge direction
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Fig. 3.7 Unscaled Whittier Narrows ground motion acceleration record: vvnuy record
from Van Nuys bin (see Appendix D).
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Fig. 3.8 P13 truck load (Caltrans 2004).
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Fig. 3.9 Eccentric position of truck with respect to superstructure centerline.

61



0.54P - weight of the truck at the position of the first axle
Mu & Mz - torsional moments; Mu = 0.54P-ecc; Me = P-ecc;
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(a) First truck position on the bridge
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(b) Second truck position on the bridge
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(c) Third truck position on the bridge
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(d) Fourth truck position on the bridge

Fig. 3.10 Four positions of P13 truck load on bridge and corresponding loads.
62



3.3.3 Integration Algorithm

Time-stepping integration methods that act as the computational drivers during a hybrid
simulation are provided by or need to be implemented in the finite element analysis software.
Operator-Splitting (OS) methods, which are unconditionally stable, relatively easy to implement,
and computationally nearly as efficient as explicit methods, are excellent techniques for solving
the equations of motion during hybrid simulations (Schellenberg 2008). These integration
methods are capable of providing unconditional stability without the need for iterative
equilibrium solution processes. For the purpose of this study, the Alpha-OS integration method
(originally developed by Nakashima et al. 1988 and supported by OpenSees) with a=0.9 is

adopted for use.

3.3.4 Test Setup

During hybrid simulation tests 6 degrees of freedom (DOFs), three displacements, and three
rotations, could be controlled at the point (designated as control point) where the physical and
analytical portions of the bridge link together. To reduce the experimental costs, but keeping the
effectiveness and accuracy of the testing method, it was decided to reduce the number of DOFs
controlled in the hybrid simulation tests. The vertical displacement and the torsional rotation of
the column at the control point have negligible influence on the column behavior for an
earthquake load. Thus, they were not controlled during the hybrid simulation tests. The
remaining 4 DOFs, 2 lateral displacements, and 2 sectional rotations (Fig. 3.11) are controlled
during hybrid simulation tests, as they govern column behavior during an earthquake excitation.
Control of the rotation DOFs enables accurate modeling of the moment distribution (location of
the inflection point) in the hybrid end column of the bridge. In addition, an axial load equal to the
average axial load in the column during the earthquake (~7% of the column’s nominal axial load

capacity) was applied at the beginning of the hybrid simulation tests.

63



Fig. 3.11 Four DOFs controlled at top of experimental element during hybrid simulations.

The displacements and rotations that the control point of the bridge experiences during
the earthquake (2 lateral displacement and 2 rotations about sectional axes) were applied to the
control point of the specimen using four servo-controlled hydraulic actuators acting on the rigid
extension of the column (Figs. 3.12 and 3.13). The column extension is made rigid by encasing
the top portion of the column with an inch thick steel jacket. The actuators were placed in the
two horizontal planes, 18 in. apart. Each plane contained two actuators. The actuators from one
plane formed an angle of 90°. The lower pair of actuators (Act 1 & Act 2 from Fig. 3.12) acted
on the control point (CP), applying two horizontal displacements. The upper pair of actuators
(Act 3 & Act 4 from Fig. 3.12) acted on the rigid portion of the column, applying two horizontal
displacements at the point of the actuators attachment and thus two sectional rotations at the

control point.
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Fig. 3.12 Schematic representation of hybrid simulation setup for lateral load application.

Fig. 3.13 Hybrid simulation test setup.

The axial load setup is the same as for the quasi-static tests (Appendix C). In summary,
the axial load was applied through a spreader beam using pressure jacks and post-tensioning rods
placed on each side of the column (Figs. 3.13-3.15). Spherical hinges (3D swivels) were
provided at both ends of the rods in order to avoid bending of the rods during bidirectional
displacements of the specimen. A hinge connection (2D hinge) was also provided between the
spreader beam and the specimen for the beam to remain horizontal in the plane of the rods during

the lateral displacements of the specimen. In this way, buckling of the rods was avoided.
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Fig. 3.15 Elevation (A-A) of hybrid simulation experimental setup.
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After the columns were damaged in the hybrid simulation tests they were compressed
axially to induce axial failure in the columns. To accomplish this, a compression-tension

machine with a capacity of 4 million Ibs in compression and a constant rate of loading was used.

3.3.5 Geometric Transformations

In the hybrid simulation procedure, a specimen representing the bottom half of a bridge column
(shown red in Fig. 3.5) was treated as the physical portion of a hybrid model of the bridge, while
the rest of the bridge was treated as the numerical portion of the model. The numerical portion of
the model represents the portion of the bridge in its full scale, while the physical portion of the
bridge was scaled down 4.6875 times (S;=4.6875). For each integration time step, the dynamics
of the discrete model of the bridge structure was used to compute the displacements that are to be
imposed at the control point of the specimen. Using a controller and actuators these
displacements were then applied on the physical model. To obtain the command displacements
for actuators, the scaled values of calculated displacements underwent a set of geometric
transformations. After applying these displacements on the specimen, the corresponding
reactions (resisting forces) were measured using load cells and passed to the data acquisition
system. The measured forces underwent a set of geometric transformations and then scaled
before they were passed to the time-stepping integration algorithm to advance the solution to the
next analysis step.

To obtain the command displacements for actuators, the scaled values of calculated
displacements (U,, U,, ¢« ,p,) first underwent coordinate transformation from coordinate system
x-y to coordinate system /-2 (Fig. 3.16). The scaling factor for lateral displacements was 1/S; =
1/4.6875 = 0.213, while the scale factor for sectional rotations was 1. The axes of the coordinate

system /-2 are aligned with actuators 1 and 2. The angle, ¢, from the axis x to the axis 1 is 45°.

The transformation matrix, T, is given below:

T:{cow sinq:[\/?/z \/5/2}

—sing cosd| |-~+2/2 N2/2 (3.2)

The horizontal displacements U, and U, and sectional rotations ¢, and ¢, are transformed to

displacements U, and U, and sectional rotations ¢, and ¢, following Equations 3.3 and 3.4.
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Fig. 3.16 Coordinate transformation.

The horizontal displacements U; and U, and the rotations ¢; and ¢, are applied at the

control point (CP) of the specimen using four actuators acting on the rigid extension of the

specimen at points Aj, A,, As, and A4 (Fig. 3.17). To get the command displacements for the

actuators the displacements of points A, Ay, Az, and A4 had to be calculated first. The total

displacements of points 4; (i=1 to 4) are calculated as the sum of displacements due to

translations (U; and U.) and rotations (¢; and ¢>) of the rigid body. The displacements of a point

due to rotation of the rigid body are determined using rotation matrix, R (Eq. 3.4), generated

using Euler angles a, B, and y (Egs. 3.5, 3.6, and 3.7), respectively.
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Fig. 3.17 Schematic presentation of rigid column extension (red) and actuators (dark
blue) at beginning of hybrid simulation.

cosy siny 0] |1 0 0 cosa sina 0
R=|-siny cosy 0|:|0 cosff sinf|-|-sin cosa O (3.4)
0 0 1[|0 —sinf cosf 0 0 1
o= arctan&, if ¢ #0
4 (3.5)

7.
a=sgn(e,)-=, i ¢ =0

B=0, =—sgn(@) o + ¢} (3.6)
Y= —a (3.7)

The coordinates (relative to the coordinate system 123 [Fig. 3.17]) of the points A;, Ay, Az, and
Ay after rotation of the rigid body are given by Equation 3.8:

-a 0 —a, O
V,=R-V, V= 0 —-a, 0 -aq (3.8)
0 0 h h

where V is the matrix whose columns are the coordinates of points A, A,, Az, and A4 before the

rotation and Vy is the matrix of the coordinates of the same points after the rotation. Designated

V(4;) and Vgr(4,) are the vectors of coordinates of a point 4; (i=1 to 4) before and after the

rotation of the rigid body, respectively. The displacements of a point 4; (i=1 to 4) due to the

rotation of a rigid body, Dr(4,), is then given by Equation 3.9. For the given translation vector,
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Dt (Eq. 3.10), the total displacement of point 4; (i=1 to 4) is given by vector D(4;) (Eq. 3.11).
The command displacements for the actuators, Uy.; (i=1 to 4), are given by Equations 3.12a and

b, shown in Figure 3.18 where L; (i=1 to 4) is the length of actuator i (i=1 to 4).

UAcLi

Fig. 3.18 Schematic presentation of command displacement for actuator i (i=1, 3).

DR (Az) = VR (Az) - V(Az)’ l = 192)394 (39)
Ul
D, =\U, (3.10)
0
Dli
D(4)=D,(4)+D, =|D, |, i=12734 (3.11)
D3i
UAct,i = \/(Li +D1i)2 +D22i +D32,' _Lia i=13 (3.12a)
Uy =yD2+(L +D,) + D% — L, i=24 (3.12b)

After applying the displacements on the specimen the corresponding reactions (resisting
forces) were measured using load cells and passed to the data acquisition system. A total of six
forces were measured: four resisting forces from the actuators and two forces from the pressure
jacks that applied the axial force on the specimen. The measured forces underwent geometric
transformation before they were passed to the time-stepping integration algorithm.

The forces measured by the actuators, F; (i=1 to 4), are transformed to forces F,;and F),;

(=1 to 4) using Equations 3.13 and 3.14,
F.,=F,-cos@ -cosy, i=13 (3.13a)
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F ,=-F -cos@ -cosy,, i=24 (3.13b)

S

F,,=F sin@, -cosy,, i=1234 (3.14)

where 6; and y; are angles calculated using Equations 3.15 and 3.16 (Fig. 3.19).

D,.
6. = ¢ + arctan 2y =13 3.15a
=0 (L D ), i ( )

i li

z D,
6, = (= - ¢) +arctan(———), i=24 3.15b
i = (G —9)+arctan(———), (3.15b)

i 2i

Y, = arctan i=123,4 (3.16)

D..
C=——)
Dli +D2i

The forces and moments (at the control point of the specimen) originating from the actuators

(FopetrFyger» M, 4» M, ,.,) are given by Equations 3.17-3.20,
4
Fx,Act = z Fx,i (317)
i=1
4
Fyi = 2 Fus (3.18)
M, ,.=-(F;+F,)-H (3.19)
My,Act = (Fx,3 + Fx,4) ' H (320)

where H is the centerline distance between the upper and the lower actuator.
The forces measured by the pressure jacks, P; (i=1, 2), are transformed to forces in the

global coordinate system, F rods, Fy,Rods, and F; rogs using Equations 3.21-3.23,

U
Ex,Ruds =(1)1 +P2)‘COS(_¢x).% (321)
rod
F roas = (B + B,) -sin(-9,) (3.22)
Fz,Rods = (})1 + PZ) ' COS(_¢x) (323)

where ¢, is a rotation of the spreader beam around the x axis (its only axis of rotation), Uy peam 1S
a displacement of the spreader beam in the x direction, and L,,; is the length of the post-

tensioned rod (pin-to-pin distance) (Fig. 3.19). The moments (at the control point of the
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specimen) originating from the axial load setup, M, ro4s and M, o4, are given by Equations 3.24

and 3.25,

Mx,Rods = F ,Rods ' (Uy,beam - Uy) - Fy,Rods ' HZ (324)

z

My,Rods = _Fz,Rods ’ (Ux,beam - Ux) + Fx,Rods ’ Hl (325)

where U, peam 15 a displacement of the spreader beam in y direction, U, and U, are the horizontal
displacements of the specimen at the control point, H; is the distance between the control point
and 2D hinge, and H, is the distance between the control point and the spreader beam centerline

(Fig. 3.19).

Initial configuration

Deformed configuration

AOA T

Ho

~Uy,beam—

Hy

/ /
(a) x direction (b) y direction (c) y direction
column location rod location

Fig. 3.19 Initial vs. deformed configuration of axial test setup in x and y directions.

Finally, the total forces and moments, F, F,, M., M ,» to be scaled and passed to the

s L x

time-integration algorithm are expressed by Equations 3.26-3.29.

FX = Fx,Act + Ev,Rods (326)
Fy = Fy,Act + Fy,Rods (327)
Mx = Mx,Act + Mx,Rods (328)
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M, =M, ., +M, (3.29)

The scaling factor for the lateral forces is S;* = 4.6875% = 21.97, and for the bending moments is
8.’ =4.6875° = 103.

3.3.6 Instrumentation

Instrumentation of specimens tested in the hybrid simulation manner is the same as for
specimens tested in the quasi-static manner (for details see Chapter 2). The only difference is the
additional instrumentation of the rigid column extension. To instrument the rigid column
extension two levels of external instrumentation were added. Thus, the column was instrumented
at nine levels along its height (Fig. 3.20). At each level, three points were instrumented with

three displacement potentiometers per point.

© o |

Il

|
Ceee © e 9® ©

Fig. 3.20 Externally instrumented levels along height of hybrid simulation specimens.
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For the axial test of the specimen, the same instrumentation layout was used as for the
hybrid simulation test. Thus, the specimen was instrumented externally using displacement
potentiometers and internally using strain gages. The compression-tension machine, in addition
to its own displacement potentiometer and a load cell, was externally instrumented with two
displacement potentiometers (on the each side of the machine head) to measure the vertical

displacements of the machine during the test.

34 OVERVIEW OF EXPERIMENTAL OBSERVATIONS

The important results from the two hybrid simulation tests followed by the axial crushing of the
specimens are given in the two subsections that follow. The results from the test HSM are given

in the first subsection and the results from the test HSH are given in the second subsection.

3.4.1 Results of HSM test

During the HSM test the specimen was exposed to the earthquake loading of a medium intensity
inducing significant yielding and strain hardening of the steel and initiating the spalling of
concrete. The maximum displacement ductilities of the bridge columns in the longitudinal (X)
and transverse (Y) bridge directions were 3 and 4, respectively. The hybrid simulation was
followed by the axial compression test to get the axial strength of the column with the
earthquake-induced damage.

The histories of lateral displacements, sectional rotations, lateral forces, and bending
moments at the control point of the hybrid model are given in Figures 3.21-3.24. To validate the
calibrated analytical model of the column, each response quantity is given for the hybrid and
analytical simulation on the same plot. There is a very close correspondence of the response
quantities from the two simulations. Thus, the analytical model of the bridge column calibrated
based on the results of quasi-static tests (see Chapter 4) can be used for an earthquake load with a
great reliability.

The state of the column (the bottom 22 in.) for the maximum displacement during the
hybrid simulation and at the end of the hybrid simulation is shown in Figure 3.25 and Figure
3.26, respectively. In the plastic hinge region of the column (the bottom 12 in.) the distance
between the cracks was 3 in. on average and the maximum width of the cracks during the test

was approximately 1/8 in. Outside the plastic hinge region the distance between the cracks was 6
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in. on average, with the widths of the cracks less than 1/16 in. Figure 3.26 shows spalling of
concrete at the bottom of the column at the end of the test.

Figure 3.27 shows profiles of the displacements, rotations, and average curvatures for the
two major directions, X and Y, at a certain time during the hybrid simulation (marked point on
the graph with the orbits of displacement). There is a significant increase of rotations at the
bottom of the column. The curvature is very pronounced at the bottom of the column compared
to the rest of the column. The presented graphs indicate the location and extent of plastic
deformations in the specimen.

Figure 3.28(a) shows the axial force-deformation relationship of the specimen after the
axial sequence of loading. The damaged state of the column is shown in Figure 3.28(b). The
axial failure resulted from the formation of the shear failure plane at the bottom half of the
column. The axial strength of the tested specimen was 1417 kips (6303 kN). The ratio of the
residual to original axial strength of the column is 0.87. The original axial strength of the column
is analytically calculated using the calibrated analytical model (Chapter 4). Thus, the reduction
of the axial strength is 13%.
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Fig. 3.21 Lateral displacement histories at control point for HSM test (analytical
simulation vs. hybrid simulation).
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Fig. 3.22 Sectional rotation histories at control point for HSM test (analytical simulation
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Fig. 3.23 Lateral force histories at control point for HSM test (analytical simulation vs.
hybrid simulation).
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Fig. 3.24 Bending moment histories at control point for HSM test (analytical simulation
vs. hybrid simulation).
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(b) North-West

(c) South-West (d) South-East

Fig. 3.25 State of specimen at maximum displacement during hybrid simulation.
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(a) North-East (b) North-West

(c) South-West (d) South-East

Fig. 3.26 State of specimen at end of hybrid simulation.
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Fig. 3.28 Axial force-displacement relationship and state of specimen after axial sequence
of HSM test.

3.4.2 Results of HSH Test

During the HSH test, the specimen was exposed to three sequences of loading: gravity load,
earthquake load of a high intensity, and truck load moving along the bridge. The maximum
displacement ductilities of the bridge columns during the hybrid simulation were 4.7 in the
longitudinal (X) and 6.7 in the transverse (Y) bridge direction. The earthquake loading induced
extensive yielding of the steel, spalling of concrete, and a reduction in volume of the concrete
core in the plastic hinge region. Residual displacements at the top of the bridge column were
negligible after the earthquake. Thus, the truck load moving along the bridge after the earthquake
did not induce visible damage in the column specimen. The hybrid simulation was followed by
the axial compression test to get the axial strength of the column.

The histories of lateral displacements, sectional rotations, lateral forces, and bending
moments at the control point of the hybrid model are given in Figures 3.29-3.32. In the given
figures, the response of the bridge column to the earthquake loading is given in the first 943
seconds. The response to the truck load starts at 943 seconds. To validate the calibrated
analytical model of the column, each response quantity is given for the hybrid and analytical
simulation on the same plot. There is a very close correspondence of the response quantities from

the two simulations. Thus, the analytical model of the bridge column calibrated based on the
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results of quasi-static tests (see Chapter 4) can be used for an earthquake load with a great
reliability.

The state of the column (the bottom 22 in.) for the maximum displacement during the
hybrid simulation and at the end of the hybrid simulation is shown in Figure 3.33 and Figure
3.34, respectively. Based on the crack distribution along the height of the column during the test,
the column can be divided into three regions: (i) the plastic hinge region (the bottom 12 in. of
column), (i1) the intermediate region (12 in. of the column next to the plastic hinge region), and
(ii1) the elastic region (the top 40 in. of the column). In the plastic hinge region the distance
between the cracks was 3 in. on average and the maximum width of the cracks during the test
was approximately 3/16 in. Very extensive spalling of concrete and reduction in volume of the
concrete core in the plastic hinge region were observed at the end of the test. In the intermediate
region the distance between the cracks was 4 in. on average with the widths of the cracks less
than 1/8 in. In the elastic region the distance between the cracks was 6 in. on average with the
widths of the cracks less than 1/32 in.

Figure 3.35 shows profiles of displacements, rotations, and average curvatures for the
two major directions, X and Y, at a certain time during the hybrid simulation (marked point on
the graph with the orbits of displacement). There is a significant increase of rotations at the
bottom of the column. The curvature is very pronounced at the bottom of the column compared
to the rest of the column. The presented graphs indicate the location and extent of plastic
deformations in the specimen.

Figure 3.36(a) shows the axial force-deformation relationship of the specimen after the
axial sequence of loading. The damaged state of the column is shown in Figure 3.36(b). The
axial failure resulted from the formation of the shear failure plane at the bottom half of the
column. The axial strength of the tested specimen was 1396 kips (6209 kN). The ratio of the
residual to original axial strength of the column is 0.86. The original axial strength of the column
is analytically calculated using the calibrated analytical model (Chapter 4). Thus, the reduction
of the axial strength is 14%.
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Fig. 3.29 Displacement histories at control point for HSM test (analytical

hybrid simulation).
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Fig. 3.30 Sectional rotation histories at control point for HSM test (analytical simulation
vs. hybrid simulation).
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Fig. 3.31 Lateral force histories at control point for HSM test (analytical simulation vs.
hybrid simulation).
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Fig. 3.32 Bending moment histories at control point for HSM test (analytical simulation
vs. hybrid simulation).
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Fig. 3.33 State of specimen at maximum displacement during hybrid simulation.
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(c) South-West (d) South-East

Fig. 3.34 State of specimen at end of hybrid simulation.
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4 Analytical Modeling

The main objective of this project is to determine the maximum weight capacity of a truck on a
bridge immediately after an earthquake. To accomplish this objective, a set of analytical
simulations was performed on a typical California overpass bridge. To develop an analytical
model, quasi-static tests and hybrid simulations were conducted to provide the data needed to
test and calibrate the model. Bilateral quasi-static tests on a model of a bridge column were
performed first to simulate earthquake damage in the column. The damaged columns were then
axially crushed to get their remaining axial capacities. The test results were then used to calibrate
an analytical model of a bridge column. For an earthquake and a truck load on the bridge, the
analytical model was validated through hybrid simulation tests on a typical California overpass
bridge. The physical portion of the hybrid model, the bottom half of a bridge column, was axially
tested in compression after the hybrid simulation test to get its remaining axial capacity. The
axial crushing of an earthquake-damaged bridge column was analytically simulated and the
analytical model of the bridge column was verified.

The sequential development of the analytical model is presented in this chapter. The
force-based element, used to model the bridge column, is described in the first section of this
chapter. The next section gives the details of the pre-test calibration of the analytical model of a
bridge column. This analytical model is used to design the specimens and the test setup for both
the quasi-static and the hybrid simulation tests. The subsequent sections give the details of
calibration of the analytical model based on the results of the quasi-static and axial tests, and

finally validation of the model through hybrid simulations and axial tests.

41 MODEL OF BRIDGE COLUMN

The reinforced concrete bridge column is modeled in OpenSees by utilizing a fiber cross section
and force-based beam-column element with distributed plasticity (Neuenhofer and Filippou,

1997). The cross sections of the element are represented by assemblages of longitudinally



oriented, unidirectional steel and concrete fibers. Each material in the cross section has a uniaxial
stress-strain relation assigned to it. The element is a line element discretized using the Gauss-
Lobatto integration scheme with the integration points at the ends of the element and along the
element length. The fiber cross sections are assigned to the integration points.

A flexibility-based formulation of the element imposes a moment and axial force
distribution along the length of the element in equilibrium with the loads imposed at the end
nodes of the member. The curvatures and the axial deformations at each integration point are
subsequently estimated by iterations given the moment and axial load at the section. The column
response is then obtained through weighted integration of the section deformations along the
length of the member.

To model the reinforced concrete section, the fiber section that accounts for the axial-
bending interaction is divided into three parts: concrete cover, concrete core and reinforcing
steel. To model the concrete cover (unconfined concrete) and concrete core (confined concrete),
two uniaxial material models of concrete, designated in OpenSees as Concrete0l and
Concrete02, were considered. To model reinforcing steel (longitudinal bars), two uniaxial
material models of reinforcing steel, designated in OpenSees as Steel02 and ReinforcingSteel,
were considered.

The Concrete01 material model uses the Kent-Scott-Park model (Kent and Park, 1971) to
represent the stress-strain relationship of concrete in compression (Fig. 4.1). The material model
has degraded linear unloading-reloading stiffness (Karsan and Jirsa 1969) and no tensile
strength. The parameters that define the concrete model are concrete compressive strength (f;),
concrete strain at maximum strength (gg), concrete crushing strength (f.,), and concrete strain at
crushing strength (g.,). The initial slope of the model is: Ec=2 /. / &.

The Concrete02 material model is an extension of the ConcreteO1 material model and
uses the Kent-Scott-Park model to represent the stress-strain relationship of concrete in
compression and a bilinear relationship to represent the stress-strain relationship in tension (Fig.
4.2). The parameters that define the concrete model are concrete compressive strength (f;),
concrete strain at maximum strength (g9), concrete crushing strength (f.,), concrete strain at
crushing strength (g,), ratio between unloading slope at €., and initial slope (L), tensile strength

(), and tension-softening stiffness (E). The initial slope of the model is: E.=2 £ / €.
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Fig. 4.1 Uniaxial stress-strain relationship for Concrete01 material.
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Fig. 4.2 Uniaxial stress-strain relationship for Concrete(2 material.

The Steel02 material model is defined using the Giuffre-Manegotto-Pinto uniaxial strain-
hardening material model (Taucer et al. 1991). The model has a bilinear backbone curve with a
post-yield stiffness expressed as a fraction of the initial stiffness. The model accounts for the
Bauschinger effect and is characterized by continuity in the tangent stiffness during loading and
unloading. The parameters that define the reinforcing steel model are the yield strength of
reinforcing bar (fy), the modulus of elasticity of steel (Es), the strain-hardening ratio (b), and the
parameters that control the transition from the elastic to plastic branches (R, cri, and cg).

The ReinforcingSteel material model uses a nonlinear backbone curve (Fig. 4.3). To

account for change in area as the bar is stressed, the backbone curve is transformed from an
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engineering stress space to a natural one. This allows the single backbone curve to represent both
tensile and compressive stress-strain relations. The parameters that define the reinforcing steel
model are yield stress in tension (fy), ultimate stress in tension (fs,), modulus of elasticity of steel
(Es), tangential stiffness at initiation of strain hardening (Eg,), strain corresponding to initial

strain hardening (&s), and strain at peak stress (ggy).

Stress
Esh
Jal
it
ES
€ € Strain

Fig. 4.3 Nonlinear backbone curve of ReinforcingSteel material.

4.2 PRE-TEST CALIBRATION OF ANALYTICAL MODEL

To design the specimen and the test setup, the reinforced concrete column was modeled in
OpenSees utilizing a fiber cross section and force-based beam-column element with distributed
plasticity. To predict the response of the tested specimens the analytical model was calibrated
using the results from Lehman’s test (Lehman 2000) on the column with the same aspect ratio
and similar ratios of the longitudinal and transverse reinforcement as the Base-Column
specimen.

To calibrate the constitutive models for reinforcing steel, confined, and unconfined
concrete, the results from Lehman’s Column415 (Lehman 2000) test were used. Column415 was
a cantilever column tested by applying a uni-directional quasi-static incremental lateral
displacement protocol up to the failure of the column. An axial load equal to 7% of the column’s
nominal axial load capacity was maintained during lateral testing. The aspect ratio of Column415
was 4, the ratio of transverse reinforcement was 0.7%, and the ratio of the longitudinal
reinforcement was 1.5%. The basic parameters of the geometry, the reinforcement, and the load

for Column415 and the Base-Column specimen are given in Table 4.1.
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Table 4.1 Basic parameters for Column415 and Base-Column specimen.

Parameters Column415 (Lehman 2000) Base-Column

Aspect ratio L/D=4 L/D=4
Longitudinal

) p1=1.5% p1=1.2%
reinforcement
Transverse

) pt=0.7% pt=0.75%
reinforcement
Axial load P/f'Ag=0.07 P/{'’A;=0.10

The analytical model that provides satisfactory matching with the experimental results is
defined by 5 integration points along the height of the column and a cross section with 142 fibers
(24 for unconfined cover, 96 for confined core and 22 for reinforcing steel) arranged as shown in
Figure 4.4. Geometric transformation was applied on the model to account for P-A effects. To
model the reinforcing bars Steel02 material model was used. Concrete cover and core were
modeled with Concrete02 material model. The parameters that defined the reinforcing bars are
given in Table 4.2, and the parameters that defined the concrete cover and core are given in
Table 4.3. A description of material models and their parameters is given in Section 4.1. To
define the confined concrete, the maximum compressive strength (fic) and concrete crushing
strength (f.,) are calculated according to Mander et al. (1988); the modulus of elasticity of
concrete is specified to be 57000V f; (psi) (Caltrans 2006a), and the strain at crushing strength

(&cu) 1s calculated according to Equation 4.1,

S

c

£, =0.004+0.14- p, - 4.1

where p; 1s the ratio of transverse reinforcement, fy is the yielding strength of spirals, and 1o is
the maximum compressive strength of plane concrete. Figure 4.5 shows experimental and
analytical force-displacement response curves for Column415. Satisfactory matching is

achieved.
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Reinforcing
bars

Fig. 4.4 Fiber cross section; arrangement of fibers for Column415.

Table 4.2 Steel02 material model parameters.

Material fy  Es(ksi) b Ry cri CrR2

Reinforcing steel £, 29000 0.025 20 0.925 0.15

*
From coupon tests

Table 4.3 Concrete02 material model parameters.

Material fe €0 feu Ecu A fi Ess

Concrete cover  fo. 2fu/Ec 0 0.005 0.1 0.04f f/eo

ok sk

Concrete core j@c'** 2 fcc// E. " fcu** €cu 0.1 0.04 fCC' f €o

" From test results on concrete cylinders
" Equation from Mander et al. (1988)
" E, = 57000\f, (psi) (Caltrans 2006a)
""" Equation 4.1
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Fig. 4.5 Experimental vs. analytical force-displacement response for Column415.

4.3 CALIBRATION OF ANALYTICAL MODEL BASED ON QUASI-STATIC AND
AXIAL TESTS RESULTS

Bilateral quasi-static tests on a model of a bridge column were performed first to induce
earthquake-like damage in the column. The damaged columns were then axially tested in
compression to get their remaining axial capacities (Chapter 2). The test results were used to
calibrate an analytical model of a bridge column.

In developing the analytical model of the column, the first step was to compare the force-
displacement response curves and their envelopes from the three quasi-static tests (Basel5,
Base30, and Base45) performed on nominally identical specimens (Figs. 4.6 and 4.7). Although
the specimens were built using the steel and concrete from the same batch and were tested within
20 days, their stiffness and strength are different. However, when displaced to the same
displacement level, the unloading and reloading branches of the force-displacement response
curves match well. Thus, a compromise between initial and post-cracking stiffness and strength

was made while developing the analytical model of a bridge column.
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Fig. 4.6 Lateral force-displacement response curves for three lateral quasi-static tests:
Basel$5, Base30, and Base45 in two major directions, X and Y.
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Fig. 4.7 Force-displacement response envelopes for three lateral quasi-static tests: Basel5,
Base30, and Base45 in two major directions, X and Y.
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Two analytical models, referred to as Analytical 1 and Analytical 2, provided satisfactory
matching with the experimental results. Both analytical models are defined by 5 integration
points along the height of the column, and a cross section with 132 fibers (24 for unconfined
cover, 96 for confined core, and 12 for reinforcing steel) arranged as shown in Figure 4.8.
Geometric transformation was applied on the models to account for the P-A effect. The two
models differ in the uni-axial relationships for the reinforcing steel and the concrete. The
Analytical 1 model uses Steel02 material to model the reinforcing bars and Concrete01 material
to model the concrete cover and core. The Analytical 2 model uses ReinforcingSteel material to
model the reinforcing bars and Concrete02 material to model the concrete cover and core. The
parameters that define the reinforcing bars are given in Table 4.4 for Analytical 1 and in Table
4.6 for Analytical 2 models. The parameters that define the concrete cover and core are given in
Table 4.5 for the Analytical 1 model and in Table 4.7 for the Analytical 2 model. A description
of the material models and their parameters is given in Section 4.1. To define the confined
concrete, the maximum compressive strength (fc) and the concrete crushing strength (fi,) are
calculated according to Mander et al. (1988); the modulus of elasticity of concrete is specified to
be 57000V fc' (psi) (Caltrans 2006a), and the strain at crushing strength of concrete (g,) is

calculated according to Equation 4.1.

Cover
fibers

Reinforcing
bars

Fig. 4.8 Fiber cross section; arrangement of fibers for Base-Column specimen.
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Table 4.4 Analytical 1 — Steel02 material model parameters.

Material fy(ksi) Es (ksi) b Ry cri Cr2
70.7° 29000 0.025 15 0.925 0.15

Reinforcing steel

*
From coupon tests

Table 4.5 Analytical 1 — Concrete01 material model parameters.

Material fe €0 Jeu Ecu
2f/E. 0 0.005

]
Concrete cover  f;
sk skeskoskosk

Ik r skskosk
Concrete core  fec 2 feo/Ec Jou €

" From test results on concrete cylinders
** Equation from Mander et al. (1988)
" E, = 570001 (psi)
" Equation 4.1

Table 4.6 Analytical 2 — ReinforcingSteel material model parameters.

Material Sy (ks1)  feu (ksi) Eg(ksi) Eg(ksi) & €

Reinforcing steel  70.7° 1200 29000 725 0.01° 0.12"

*
From coupon tests

Table 4.7 Analytical 2 — Concrete(02 material model parameters.

fcu Ecu k ﬁ Ets
0.005 0.1 0.04f fi/eo

Material fe €0

Concrete cover  fo 2fi/Ee 0

Concrete core fcc'** 2 fccr/Ec*** fcu** acu**** 0.1 0.04 fcc' 1/ €o

" From test results on concrete cylinders
** Equation from Mander et al. (1988)

" E, = 57000V, (psi)
" Equation 4.1
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The lateral force-displacement response curves of the tested specimens compared to those
of the analytical models (Analytical 1 and Analytical 2) for the three quasi-static tests: Basel5,
Base30, and Base45 in the two major directions, X and Y, are given in Figures 4.9-4.11.
Comparisons of the response envelopes are given Figures 4.12 and 4.13. Both analytical models
show good correspondence with the experimental results.

The axial force-displacement relationships for the axial sequence of loading of the tested
specimens compared to their analytical models (Analytical 1 and Analytical 2) for tests: Base0,
Basel5, Base30, and Base45 are shown in Figures 4.14-4.17. To study the post-earthquake
traffic capacity of a bridge, it is important to develop an analytical model able to estimate the
residual axial strength of the bridge columns. Therefore, the analytical models are calibrated to
match the residual axial strength of the tested specimens. For comparison purposes, Table 4.8
provides the residual axial strength of the tested specimens and the analytically calculated
strengths. Although both analytical models match the results from the lateral tests equally well,
Analytical 1 model provides better correspondence with the axial test results than Analytical 2
model. Note, however, that the quality of the match of the axial load-displacement response after
lateral load damage is not as high as the match of the lateral load force-displacement response.

Permanent lateral displacements of bridge columns after an earthquake have great
influence on their residual axial strengths. Test Basel5 had a lateral drift of ~1.0% in the axial
sequence of loading. This drift has the same influence on the residual axial strength of the
specimen as the permanent lateral displacement of a bridge column after an earthquake. Thus, to
study the post-earthquake bridge traffic load capacity, it is important to develop an analytical
model able to match the results from the axial sequence of test Basel5. Analytical 1 model
estimates the residual axial strength of specimen Basel5 with an error of 0.26%. Analytical 2
model overestimates it with an error of 9.81%. Consequently, Analytical 1 was chosen for the

analytical study (Chapter 5).
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Fig. 4.9 Experimental vs. analytical force-displacement response curves for lateral
sequence of BaselS5 test.
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Fig. 4.10 Experimental vs. analytical force-displacement response curves for lateral
sequence of Base30 test.
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Fig. 4.12 Force-displacement response envelopes in two major directions, X and Y, for
three lateral quasi-static tests: BaselS, Base30, and Base45; Experiment vs.
Analytical 1.

108



Displacement in Y [cm]

Displacement in X [cm]

[N & ur eo104

1100
50

[sdiyy] A ur 22104

[No] X ur 90104

[sdiy] X ur 22104

Displacement in Y [in]

Displacement in X [in]

(a) Force-displacement response envelopes in X and Y direction for test Basel5

Displacement in Y [cm]

Displacement in X [cm]

[N3] A ur oo104

[sdiy] A ur 22104

[NoT] X ur 90104

[sdiy] X ur 22104

Displacement in Y [in]

Displacement in X [in]

(b) Force-displacement response envelopes in X and Y direction for test Base30

Displacement in Y [cm]

Displacement in X [cm]

[N3] A ur 20104

[sdny] A urao1of

[N3] X ur oo104

[sdny] X ur @010,

Displacement in Y [in]

Displacement in X [in]

lacement response envelopes in two major directions, X and Y, for

three lateral quasi-static tests: BaselS, Base30, and Base45; Experiment vs.

(c) Force-displacement response envelopes in X and Y direction for test Base45
Analytical 2.

Fig. 4.13 Force-disp

109



Axial Displacement [cm]

0.4

16000

[N>I] 9010, TRIXY

71000

1.2

0.8

0.6

0.2
Analytical 1

Experiment

Analytical 2

15000

[sdryy] 2010, [EIXY

0.15 02

0.1

Axial Displacement [in]

ips

ical relationsh

tal vs. analyt

experimen

Fig. 4.14 Axial force-displacement relationships
for Base0 test.

Axial Displacement [cm]

0.3

716000

715000

0.8

0.7

0.6

0.2

0.1

Experiment

Analytical 1

Analytical 2

15000

1000 - - - - -
500 -~ - - -

—

sdry] a010/ TRIXY

0.2

0.15

Axial Displacement [in]

0.1

ips

ionsh

1 relat

1ca

experimental vs. analyti

110

Fig. 4.15 Axial force-displacement relationships
for the axial sequence of BaselS5 test.
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Fig. 4.16 Axial force-displacement relationsh

for the axial sequence of Base30 test.
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Fig. 4.17 Axial force-displacement relationships
for the axial sequence of Base 45 test.



Table 4.8 Residual axial strengths of Base(, Basel5, Base30, and Base45 test specimens:
experimental vs. analytical.

Test Experiment Analytical 1 ~ Analytical 2 Error 1  Error 2
[kips] [kips] [kips] [7o] [7o]
Base0 1459 1467 1462 0.55 0.20
Basel5 1137 1133 1248 0.26 9.81
Base30 1355 1245 1354 8.12 0.07
Base45 1170 1192 1342 1.88 14.7

4.4  VALIDATION OF ANALYTICAL MODEL BASED ON HYBRID
SIMULATIONS AND AXTAL TESTS RESULTS

For an earthquake and a truck load on the bridge, the analytical model developed based on lateral
quasi-static tests (Analytical 1) was validated through hybrid simulation tests on a typical
California overpass bridge (Chapter 3). The physical portion of the hybrid model, the bottom half
of a bridge column, was axially crushed after the hybrid simulation test to get its remaining axial
capacity. The axial crushing of an earthquake-damaged bridge column was analytically
simulated and the results are compared with the test results (Figs. 4.18 and 4.19). The residual
axial strengths of the tested and analytically modeled specimens are given in Table 4.9. Since
there is a good correspondence between the experimental and analytical results, the analytical
model of a bridge column is considered verified, and will be used to study post-earthquake
bridge traffic capacity.

The axial compression test of the specimen that was part of the hybrid bridge model is
analytically simulated in the following way. The specimen is modeled using the Analytical 1
model. The displacement and rotation histories at the control node (node that connects physical
and numerical portions of the hybrid model) during hybrid simulation are applied at the top of
the analytically modeled specimen. Thus, the earthquake-induced damage in the specimen is
analytically simulated. Monotonically increasing axial load is applied next to induce the axial
crushing of the analytically modeled specimen. The residual axial strength of a column with

earthquake-induced damage is thus analytically estimated.
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Table 4.9 Residual axial strengths of HSM and HSH test specimens: experimental vs.

analytical.
Test Experiment Analytical 1 Error 1
[kips] [kips] [70]
HSM 1419 1387 2.25
HSH 1395 1397 0.14
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5 Post-Earthquake Bridge Truck Load Capacity

The post-earthquake traffic load capacity of a damaged bridge will be defined indirectly by
computing the maximum weight of a single standard truck positioned at a critical location on the
bridge. This simplification is done to avoid a large number of possible traffic load distribution
combinations by assuming that the post-earthquake traffic on damaged bridges will be strictly
controlled and that a single truck may be the only traffic load on the bridge. The post-earthquake
bridge truck load capacity will be evaluated using the calibrated analytical model of the typical
California overpass bridge described in Chapter 3.

This chapter consists of two sections. The first section describes the bridge model and the
loading regime that the bridge was exposed to in the process of evaluating the post-earthquake
bridge truck load capacity. The second section discusses the parameters that influence the post-
earthquake bridge truck load capacity and shows the trends of the post-earthquake bridge truck

load capacity for the most influential parameters.

5.1 BRIDGE MODEL AND LOADING REGIME

The bridge model and loading regime are described in three subsections. The first subsection
gives the details related to bridge geometry and reinforcement. The second subsection describes
the analytical model of a bridge. The third subsection presents the loading sequences of the

analytical simulations.

5.1.1 Bridge Geometry and Reinforcement

Configuration of the bridge used in analytical simulations corresponds to bridge Type 11 in
Ketchum et al. (2004). It is a straight, cast-in-place box girder bridge with five spans and single-

column bents. The geometry and the reinforcement of the bridge are given in Chapter 3.



5.1.2 Analytical Modeling

A three-dimensional nonlinear finite element bridge model was developed for the chosen bridge.
It is a spine model of the bridge structure with line elements located at the centroid of the cross
section following the alignment of the bridge (Fig. 5.1). Three-dimensional beam-column
elements with corresponding cross-sectional properties were used to model the superstructure
and the columns. The PEER Center finite element platform  OpenSees

(http://opensees.berkeley.edu) was utilized.

\/

Fig. 5.1 Analytical model of bridge structure.

Modeling of the superstructure, the columns, bridge mass, and bridge damping are
described in Chapter 3 of this document with the following changes made for the purpose of this
study: (1) the compressive strength of the unconfined concrete is 5 ksi (34,475 kPa) for all bridge
elements, (ii) the yield strength of steel is 68 ksi (475,000 kPa) for all bridge elements (Caltrans
2006a), (ii1) it is specified that a column longitudinal bar fails at the tensile strain of 0.06
(conservative estimate for the column bar size based on Caltrans SDC Guidelines; Caltrans
2006a), (iv) the torsional moment of inertia (J) of the deck is not reduced (Caltrans 2006a), (v)

two roller abutment models are considered, one with and one without deck torsion restraint.

5.1.2.1 Modeling of Abutments

Abutment modeling plays a significant role when determining the post-earthquake bridge truck
load capacity. Two simple abutment models that generate the upper and lower bounds of the
bridge response for the earthquake and truck load are considered in this study. The actual
response of the bridge will lie between these two abutment models. The first abutment model,

designated as Ril1, consists of a simple boundary condition module that applies single point
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constraints against displacement in the vertical direction (vertical support) and rotation about the
superstructure longitudinal axis (full deck torsion restraint). The second abutment model,
designated as R0, applies single point constraints against displacement in the vertical direction,
representing a roller boundary condition at the superstructure end. The designations “1” and “0”
are drawn from the specifications of the boundary condition release codes in OpenSees.

In the case of the Ry1 abutment model, where the abutment is modeled to restrain torsion
of the bridge deck, the post-earthquake bridge truck load capacity will be overestimated,
especially if the vehicle is occupying the outer (further from the bridge centerline) lanes of the
bridge. Overestimation of the post-earthquake bridge truck load capacity happens as the deck
torsion component of the truck load gets primarily taken by the torsionally stiff superstructure
while the columns get small fractions of the load. This abutment model thus generates an upper-
bound estimate of the post-earthquake bridge truck load capacity.

In the case of abutment model R0 the superstructure does not provide significant
rotational restraint at the tops of the columns. Consequently, the bridge will resist the
displacements in the transverse direction of the bridge and the rotation of the superstructure
along its longitudinal axis only through cantilever action of its columns. This abutment model

thus generates a lower bound estimate of the post-earthquake bridge truck load capacity.

5.1.2.2 Integration Method

Newmark’s time-stepping integration method was used to solve numerically the system of
differential equations governing the response of the bridge. The parameters of integration 3 and vy
that define the variation of acceleration over a time step and determine the stability and the
accuracy characteristics of the method are chosen to be B = 0.5 and y = 0.25. Such selection of
parameters of integration (B and y) leads to a special case of Newmark’s method, known as the
average acceleration method. This method assumes that the variation of acceleration over a time

step is constant and equal to the average acceleration.

5.1.3 Loading

During an analytical simulation with the purpose of estimating the post-earthquake bridge truck

load capacity, the bridge was exposed to four sequences of loading in the following order:
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(1) gravity load, (ii) earthquake load, (iii) simulation of residual displacements in the transverse
direction of the bridge, and (iv) truck load. The analytical model of the bridge is not capable of
capturing the residual displacements of the bridge. Hence, after an earthquake the residual
displacements are simulated in the third loading sequence by applying lateral displacement to the
bridge model. The truck load, located in a critical position on the bridge, is applied next by
monotonically increasing the truck weight to induce the failure of the bridge. This way the post-

earthquake bridge truck load capacity was established.

5.1.3.1 Earthquake Load

In the process of analytical simulations the bridge was subjected to suites of recorded ground
motions. A total of 8 bins, each containing 20 records, were utilized. All ground motions were
obtained from the PEER Strong Motion Database (http://peer.berkeley.edu/smcat). Each ground
motion record has two orthogonal horizontal components and a vertical acceleration component.
A uniform scale factor of 2 was applied to all motions to guarantee the development of nonlinear
action in the bridge columns. For the purpose of this study, the motions were applied uniformly
at the base of the structure.

The bins of ground motions differ by the magnitude of the earthquake, the distance to the
fault, the fault type, and the presence of directivity effects. The characteristics of all ground
motions, separately for each bin, are presented in Appendix D.

The first four bins, designated as LMSR (large-magnitude, small-distance), LMLR
(large-magnitude, large-distance), SMSR (small-magnitude, small-distance), and SMLR (small-
magnitude, large-distance) are identical to those used in previous bridge studies by Mackie and
Stojadinovic (2005) and correspond to typical non-near-fault (R > 15 km) California recordings.
The delineation between small- (SM) and large- (LM) magnitude bins was at Mw = 6.5. Ground
motions with closest distance ® ranging between 15 and 30 km were grouped into a small
distance (SR) bin, while ground motions with R >30 km were in the large-distance (LR) bin.

The fifth bin (VN) was obtained from the unscaled PEER Van Nuys Testbed motions
(Krawinkler 2005). The Van Nuys Testbed is located in the San Fernando Valley which has a
variety of faults laying beneath it and the large San Andreas Fault passing some 50 kilometers to
the northeast. Although the site is located near active faults none of the faults that dominate the

seismic hazard at the site is oriented in such a way that the site will experience strong rupture
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directivity effects. Thus, all selected ground motions are from thrust earthquakes and free from
strong directivity effects.

Three last bins of ground motions contain near-field ground motions with strong
directivity effect. Two bins were created from the ground motions selected for the I-880 PEER
Testbed study (Kunnath 2006). This site is located near the Hayward fault: thus, the motions are
anticipated to exhibit distinct directivity effects. The I-880p bin contains all the motions from the
[-880 PEER Testbed project with the original fault-parallel motions aligned with the bridge
transverse direction. Similarly, the I-880n bin contains all the original fault-normal motions
aligned with the transverse bridge direction. The eighth and final bin (Near) comprises ground
motions from Luco’s (Luco 2001) near-field bin. These are high-magnitude earthquakes

measured at a distance (R) of less than 15 km.

5.1.3.2 Residual Post-Earthquake Displacements of Bridge

Although finite elements and materials calibrated based on the results of the experiments
conducted for the purpose of this study show a satisfactory match of a broad range of bridge
column response quantities (demonstrated in Chapter 4), the bridge model is unable to capture
the residual (permanent) displacements of the bridge after an earthquake. The exact reason for
such behavior of the bridge model was not established; however, it became clear that re-
centering of the analytical model occurred during the ground motion record. Such behavior of
the model may be due to the selected convergence test procedure, which attempts to minimize
residual energy errors, or due to the elastic response of the undamaged elements of the bridge
(such as the bridge deck or bridge deck supports) that tend to straighten the bridge, or due to the
properties of the material models for concrete and reinforcement (Jeong et al. 2008).

The magnitude of the residual displacements, primarily due to the P-A effects, can greatly
affect the post-earthquake bridge truck load capacity. Thereafter, residual displacements of the
bridge cannot be ignored while evaluating the post-earthquake bridge truck load capacity. Hence,
they are manually applied on the bridge as a loading sequence immediately following the
earthquake.

The residual displacements of the same magnitude and direction are applied at the top of
all bridge columns. In general, the profile of residual displacements along the bridge can have

different shapes depending on the boundary conditions at the superstructure ends. In the case of
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the considered bridge, roller supports (free displacements in the longitudinal and transverse
directions of the bridge) are assumed at the superstructure ends. This implies a synchronous
motion of all columns during an earthquake and thus the same residual displacements of all
columns after the earthquake.

For the purpose of this study, it is sufficient to apply residual displacements at the top of
the columns in the transverse direction of the bridge. The first reason for this choice is the greater
horizontal stiffness of the bridge in the longitudinal then in transverse direction of the bridge.
This creates the potential for greater residual displacements in the transverse than in the
longitudinal direction of the bridge, especially in the case of near-field earthquakes. The second
reason for the choice of residual displacements is the nature of the traffic load. The traffic load is
always eccentric with respect to the bridge deck centerline; thus, it induces torsion of the deck
that, in turn, bends the bridge columns in the direction transverse to the bridge deck axis. The
columns in the transverse direction act as cantilevers; thus, the traffic-load induced bending
moment amplifies the displacements at the tops of the columns in the transverse direction of the
bridge. An increase in the transverse displacements leads to progression of the plastic hinges at
the bottoms of the columns and creates the potential for bending failure of the columns. The third
reason for the choice of residual displacements is the bridge frame configuration in its
longitudinal direction that, under traffic loads, distributes the traffic load effects between the
deck and the columns and significantly reduces the second-order effects of the traffic load,
compared to the transverse direction. As the failure in the columns due to the traffic load
happens much faster (smaller traffic capacity) if there are residual displacements in the
transverse than in the longitudinal direction of the bridge, it suffices to consider only the
presence of residual displacements in the transverse direction.

Following an earthquake, the tops of the columns were displaced to produce the
following drifts: 0.5%, 1%, 1.5%, 2%, 2.5%, and 3%, one at a time in a separate analysis run.
The bridge exposed to a far-field earthquake will most likely attain residual drift that is closer to
the lower bound of the considered drift range, while the bridge exposed to a near-field
earthquake with a strong directivity effect can reach residual drift that is closer to the upper
bound of the considered drift range. Following the gravity load and an earthquake, the residual
drift was applied to the bridge model up to the magnitude that does not exceed the maximum

drift attained during the earthquake.
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5.1.3.3 Truck Load

To simulate the truck load on the bridge standard HS20-44 truck (Section 3.7.6 of Caltrans
Bridge Design Specifications: Caltrans 2004) was used as a typical truck vehicle. It is a three-
axle truck (Fig. 5.2) with a fixed spacing of 14 ft (4.3 m) between the first two axles and variable
spacing of 14 to 30 ft (4.3 — 9.1 m) between the last two axles. The spacing between the two rear

axles has to be chosen to produce the maximum stresses in the bridge.

CLEARANCE AND
LOAD LANE WIDTH
100"

CURE,
4 4 .f/
I ~ I , K BES
H520-44 8,000 LBS. 32,000 LBS - 32,000 LBS™ 2._0:, 60" 20"

Fig. 5.2 Standard HS20-44 truck (Caltrans 2004).

The truck load on the bridge is simulated by two sets of forces applied at superstructure
elements: vertical and torsional. The vertical set of forces corresponds to the truck weight
applied at its axle locations: three concentric forces with magnitudes that follow the ratio 1:4:4.
The torsion moments correspond to axle loads placed eccentrically with respect to the bridge

deck centerline, occurring because of the truck positioned in conventional traffic lanes (Fig. 5.3).
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Fig. 5.3 Two considered cases of truck position relative to superstructure centerline.

Modern bridges in California (designed following the capacity design approach) damaged
in an earthquake can experience either of the two possible failure modes when exposed to the
traffic load: (i) the bending failure or (ii) the axial failure of the bridge columns. Influence lines
for the axial load and the bending moments in the columns were examined to find the critical
positions of the truck along the bridge superstructure. The damaged bridge was analyzed for the
critical truck positions to find the position that will first induce the failure of a column. To cover
the broad range of possible damage of the bridge after an earthquake, the bridge was analyzed
for each one of the selected strong ground motions, followed by application of two limiting
values from the range of considered residual drifts (0.5% and 3.0%), one at a time, for two
considered boundary conditions at the superstructure ends (R0 and R1). In the process of
analyzing the bridge due to the truck load, the loads representing the load in the specific position
on the bridge were increased monotonically from zero until they induced the failure of a column.
Two positions of the truck on the bridge relative to the superstructure centerline were considered.
The first position was when the truck is using the fast lane, the lane closest to the superstructure
centerline (Fig. 5.3a), and the second position was when the truck is using the curb lane, furthest

from the superstructure centerline (Fig. 5.3b). So, each ground motion analysis was repeated
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eight times to cover a range of truck load positions, abutment restraint conditions, and residual
drift. Based on these analyses, the critical failure mode and the most critical truck position were
identified.

The critical failure mode of the bridge is the bending failure of the end column when the
truck is positioned to induce the biggest bending moment in the column. Depending on whether
residual drifts were positive (+) or negative (—) after an earthquake, two positions of the truck
along the bridge (that correspond to the failure mode) are adopted for further analyses of the
post-earthquake bridge truck load capacity. Position 1 (Fig. 5.4a) of the truck corresponds to the

positive direction of the residual drift and Position 2 (Fig. 5.4b) corresponds to the negative

direction.
Truck
load
1 i Iy
4P 4P , I/
bat 4 .t
Ma YMa¥ ¥V, Mo Direction
= AN of residual
drift
P - weight of the truck at the position of the first axle
Mt & Mg - torsional moments; Mu = 4P-ecc; M = P-ecc;
(a) Truck Position 1 and corresponding truck forces
Truck
load
R Q
4P 4p L/
P
b et =
MgV _YMiV Mu Direction

of residual
drift

P - weight of the truck at the position of the first axle

Mu & M - torsional moments; Mu = 4P-ecc; Me = P-ecc;

(b) Truck Position 2 and corresponding truck forces

Fig. 5.4 Ciritical positions of truck on bridge.
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5.2 PARAMETRIC STUDY

There are many parameters that have an influence on the post-earthquake bridge truck load
capacity. A parametric study of the post-earthquake bridge truck load capacity is thus necessary
and will be described in three subsections that follow. The first subsection identifies parameters
that have a great influence on the post-earthquake bridge truck load capacity. The second gives
the matrix of all analyzed cases for one ground motion based on parameters chosen to be studied.

The third subsection presents and comments on the results of the parametric study.

5.2.1 Choice of Parameters

To identify the parameters that have great influence on the post-earthquake bridge truck load
capacity, the pool of potentially influential parameters was established. The parameters were
divided into four groups: (i) ground motion intensity measures; (ii) engineering demand
parameters; (iii) modeling parameters; and (iv) truck load related parameters.

Three parameters representing ground motion intensity measures were considered: (1)
pseudo-spectral acceleration (component that corresponds to the transverse bridge direction), (i1)
Arias intensity and (iii)) RMS (root-mean-square) acceleration. The relations between the post-
earthquake bridge truck load capacity and the three ground motion intensity measures are shown
in Figure 5.5 for a residual drift of 1.0%: truck load capacity data distributions at other residual
drift levels are similar. In all cases, the post-earthquake bridge truck load capacity did not

strongly depend on the intensity of the applied ground motions.
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Fig. 5.5 Relation between post-earthquake bridge truck load capacity and intensity
measures, (a) Pseudo-spectral acceleration, (b) Arias intensity, and (¢c) RMS
acceleration (Rx0 abutment, residual drift of 1.0%, truck is in curb lane).

Two engineering demand parameters were considered: maximum earthquake drift in the
transverse direction of the bridge and residual drift after an earthquake in the transverse direction

of the bridge. The influence of the two parameters on the post-earthquake bridge truck load
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capacity was considered under the assumption that none of the columns fails during an
earthquake. While the post-earthquake bridge truck load capacity is correlated to the maximum
earthquake drift, it is not very sensitive to this engineering demand parameter (Fig. 5.6). On the
other hand, this capacity is strongly correlated and very sensitive to the residual drift engineering
demand parameter (Fig. 5.7).

The reasons for low sensitivity of the post-earthquake bridge truck load capacity to the
maximum earthquake drift will be indicated hereafter. It is important to note that the maximum
drift attained during the great majority of the analyzed earthquakes is less than 4% (Fig. 5.6).
Thus, maximum damage in the columns is extensive spalling of concrete in the plastic hinge
regions. With the increase of maximum earthquake drift, the amount of spalled concrete in the
plastic hinge regions increases. However, the cover concrete fibers do not contribute
significantly to the bending strength of the column section: therefore, spalling will not have a
noticeable influence on the post-earthquake bridge truck load capacity of the bridge (defined by
bending failure of the columns). Since the longitudinal reinforcing bars contribute significantly
to the bending strength of the column section, their influence on the post-earthquake bridge truck
load capacity has to be explored as well. During an earthquake reinforcing bars can experience
high strains depending on the maximum earthquake drift. However, after an earthquake they
have residual strains and stresses that are small fractions of their ultimate values. Thus, the post-
earthquake conditions of strains and stresses in the fibers representing reinforcing bars do not
vary significantly with the change of earthquake and consequently do not depend strongly on the

maximum earthquake drift.
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Fig. 5.6 Relation between maximum earthquake drift and post-earthquake bridge truck
load capacity (Rx0 abutment, residual drift of 1.0%, truck is in curb lane).
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Fig. 5.7 Relation between residual drift and post-earthquake bridge truck load capacity
(Rx0 abutment, truck is in fast lane).

The parameters that might influence the post-earthquake bridge truck load capacity and
that are related to the bridge modeling are (i) modeling of the abutment, (ii)) modeling of the
superstructure torsional stiffness, and (iii) material modeling of steel and concrete fibers of the
bridge columns. The effect of the abutment model on the post-earthquake truck capacity of a
bridge is described in Section 5.1.2.3. The effect of the superstructure torsional stiffness is
explained hereafter. As there is a torsional component of the truck load acting on the
superstructure (due to the eccentric position of the vehicles on the bridge), careful modeling of
the superstructure torsional stiffness is necessary, because it can greatly affect the post-
earthquake bridge truck load capacity. Reduction of torsional stiffness leads to a reduction of the
post-earthquake bridge truck load capacity (Fig. 5.8). In the case of bridge superstructures that
meet the Ordinary Bridge requirements in section 1.1 of Caltrans SDC (Caltrans 2006a) and do
not have a high degree of in-plane curvature, Caltrans does not recommend any reduction of the
bridge deck torsional stiffness. Different bridge superstructures that can develop cracks during an

earthquake experience reduction of torsional stiffness that has to be carefully accounted for.
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Fig. 5.8 Relation between torsional stiffness of superstructure and post-earthquake bridge
truck load capacity (Rx1 abutment, residual drift of 1.0%, truck is in curb lane,
earthquake vvnuy from Van Nuys earthquake bin).

The effect of the material modeling of the steel and concrete fibers of the bridge columns
is discussed next. As post-earthquake truck capacity on the bridge is limited by the bending
failure of a bridge column, it is necessary to carefully define the ultimate strains of fibers that
represent either reinforcing bars or concrete. The influence of the ultimate strain of the
reinforcing bars on the post-earthquake bridge truck load capacity is presented in Figure 5.9. A
decrease in the ultimate strain of the reinforcing bars leads to significant reduction in post-
earthquake bridge truck load capacity. For the purpose of this study, the ultimate strain of
reinforcing bars is set at 6%, based on conservative recommendations from Caltrans SDC
(Caltrans 2006a) for the column bar size. The constitutive relationship of concrete along with
definition of the ultimate strain is detailed in Chapter 4.

The position of the truck load relative to the superstructure centerline greatly influences
the post-earthquake bridge truck load capacity. As the eccentricity of the truck load relative to
the superstructure centerline increases, the post-earthquake bridge truck load capacity decreases
(Fig. 5.10). For the purpose of this study, two limiting cases are considered: (i) the truck is in the

fast lane (smallest eccentricity) and (ii) the truck is in the curb lane (biggest eccentricity).
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Fig. 5.9 Relation between ultimate strain of reinforcing bars and post-earthquake bridge
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Fig. 5.10 Relation between eccentricity of truck relative to superstructure centerline and
post-earthquake bridge truck load capacity (Rx0 abutment, residual drift of
1.0%, earthquake vvnuy from Van Nuys earthquake bin).
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5.2.2 Matrix of Analyzed Cases

The parametric analyses (Section 5.2.1) showed the following parameters that have a significant
influence on the post-earthquake truck load capacity of the considered bridge: the abutment
type, the residual drift of the bridge, the position of the truck on the bridge relative to the
superstructure centerline, and the ultimate strain in the column reinforcing bars. For the purpose
of this study, the ultimate strain of the reinforcing bars is set at 6%, based on conservative
recommendations from Caltrans SDC (Caltrans 2006a) for the prototype column bar size. To
examine how the post-earthquake bridge truck capacity depends on the abutment type (R¢1 and
Rx0), the position of the truck relative to the superstructure centerline, and the residual drift of
the bridge, 24 analyses were performed for each ground motion (Table 5.1). The results of the

analyses, and comments are presented in Section 5.2.3.
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Table 5.1 Matrix of analyzed cases for one ground motion.

Abutment type | Truck position | Residual drift [%]

0.5
1.0
1.5
2.0
2.5
3.0
0.5
1.0
1.5
2.0
2.5
3.0
0.5
1.0
1.5
2.0
2.5
3.0
0.5
1.0
1.5
2.0
2.5
3.0

Fast lane

R0

Curb lane

Fast lane

R«1

Curb lane

5.2.3 Post-Earthquake Bridge Truck Load Capacity

The influence of the abutment type, the truck position on the bridge relative to the superstructure
centerline, and the residual drift on the post-earthquake bridge truck load capacity will be
presented in this section. Since the results (that will be presented hereafter) relate to a specific
bridge analyzed in this study, their main purpose is to show the trends and emphasize the

parameters that have significant influence on the post-earthquake bridge truck load capacity. All
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results are divided into two groups based on damage that an earthquake causes to the bridge. The
analytical results of the post-earthquake bridge truck load capacity for earthquakes that did not
cause the failure of bridge columns belong to the first group of results and are shown in Section
5.2.3.1. For earthquakes that cause bridge column failure, the analytical results belong to the
second group and are presented in Section 5.2.3.2. For the considered bridge columns (modeled
as explained in Chapter 3) and the adopted 6% reinforcement strain limit, the failure of the
bridge columns is directly related to the failure of the reinforcing bars; practically no concrete

core failures were observed before reinforcement failures occurred in the model.

5.2.3.1 Case 1: No Bridge Column Failures during Farthquake

In the case of earthquakes that do not cause the failure of bridge columns, the post-earthquake
bridge truck load capacity is not sensitive to the intensity of the ground motion (Fig. 5.5) or to
the maximum earthquake drift (Fig. 5.6). Therefore, the post-earthquake bridge truck load
capacity is presented as a function of the residual drift with respect to the abutment type (Rx1 and
R«0) and the position of the truck load relative to the superstructure centerline (Figs. 5.11-5.14).
The mean values of the post-earthquake bridge truck load capacity, along with the one and three
standard deviation bands, are plotted for different values of residual drifts. To generate this data
the post-earthquake bridge truck load capacity was computed only for residual drifts that are
smaller than the maximum drifts attained during a particular earthquake. The weight of the

standard HS20-44 truck is additionally indicated on the plots for comparison purposes.
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Fig. 5.11 Degradation of post-earthquake bridge truck load capacity with increase in
residual drift for case of Rx1 abutments when truck load is in fast lane.
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Fig. 5.12 Degradation of post-earthquake bridge truck load capacity with increase in
residual drift for case of Rx1 abutments when truck load is in curb lane.
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Fig. 5.13 Degradation of post-earthquake bridge truck load capacity with increase in
residual drift for case of Rx0 abutments when truck load is in fast lane.
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Fig. 5.14 Degradation of post-earthquake bridge truck load capacity with increase in
residual drift for case of Rx0 abutments when truck load is in curb lane.
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The post-earthquake bridge truck load capacity as a function of residual drift degrades faster in
the case of the bridge with no torsional restraints at the superstructure ends (R0 abutments) than
in the case of the bridge with torsional restraints at the superstructure ends (Rx1 abutments). An
additional reduction of the post-earthquake bridge truck load capacity occurs if the truck is
located in the curb lane (maximum eccentricity of the truck load) compared to the case when the
truck is located in the fast lane (minimum eccentricity of the truck load).

In the case of the considered bridge that has torsional restraints at the superstructure ends
(R«1 abutments) and damaged but not failed columns, a truck equivalent to the standard HS20
truck can safely use the bridge after an earthquake regardless of the truck position on the bridge.
In the case of the bridge with no torsional restraints at the superstructure ends (R0 abutments)
special consideration is necessary if residual drifts are bigger than 1.5%. In this case, traffic
speed and truck weight should be restricted such that the total vertical force excreted by the truck
does not exceed the weight of the standard HS20 truck. However, none of the two considered
abutment types is realistic: they generate lower and upper bounds for the post-earthquake bridge

truck load capacity.

5.2.3.1 Case 2: At Least One Column Failure during Earthquake

For earthquakes that cause the failure of at least one bridge column, the truck load capacities
versus maximum earthquake drifts are plotted separately for each combination of the three
considered parameters (Figs. 5.15-5.20). Each plot group shown in these figures differs by the
amount of applied residual drift. The post-earthquake bridge truck load capacity for an
earthquake that causes failure of a column and for a residual drift does not exceed the maximum
earthquake drift is plotted as one point on the graph.

The first observation based on Figures 5.15-5.20 is that more earthquakes cause column
failures in the bridge with the R41 abutments (superstructure ends are torsionally restrained)
compared to the bridge with R0 abutments (superstructure ends do not have torsional restraints).
This is because the deformation demand for the bridge with the Rs1 abutments is more likely to
exceed its deformation capacity compared to the bridge with the R0 abutments. The bridge with
the R¢1 abutments has a shorter period in the transverse direction of the bridge (T;(Rx1) = 1.36
sec) than the bridge with the R0 abutments (T;(R4x0) = 1.70 sec) due to the higher stiffness of

that bridge system as a result of torsional restraints at the superstructure ends. It also has larger
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overall strength and 2.35 times smaller total displacement capacity in the transverse direction of
the bridge than the bridge with the R0 abutments (Fig. 5.21). As both bridges are in the
displacement-preserved range, based on analogy with an equivalent elastic SDOF system, an
earthquake will induce (approximately T;(R0)/Ti(Rx1) = 0.8 times) a smaller displacement
demand on the bridge with the R¢1 abutments than for the bridge with the R0 abutments. Since
the displacement capacity of the bridge with the R41 abutments is much smaller than for the
bridge with R0 abutments, the bridge with the Rs1 abutments is likely to experience column
failure prior to the bridge with R0 abutments even though it is stronger.

The results presented in Figures 5.15-5.20 suggest that the bridge is not safe for traffic
after an earthquake if the abutments are not able to provide torsional restraints at the
superstructure ends and if there is at least one failed column. In this case it is recommended to
close the bridge regardless of the maximum earthquake drift or residual drift. If after an
earthquake the abutments still provide torsional restraints at the superstructure ends, the bridge
may be used immediately for emergency traffic, depending on the damage level of the columns.
However, additional study is needed to accurately relate post-earthquake bridge truck load
capacity to the damage level of bridge columns and the degree of torsional restraints at the
superstructure ends. Until then it is recommended to close the bridge if there is an indication of
column failure.

In this study, column failure was determined on the basis of strains in the column
longitudinal reinforcement and the column concrete core. Since the limit on longitudinal
reinforcement strain was set conservatively at 6%, following Caltrans SDC recommendations
(Caltrans 2006a), failure of concrete core was rarely observed and column failure was governed
by failure of the longitudinal reinforcement bars. In practice, based on experimental
observations, failure of longitudinal bars is often preceded by fracture of the transverse spiral
reinforcement. Therefore, the assessment of column failure after an earthquake should be based
on detection of fractures in both the transverse spiral reinforcement and the longitudinal column

reinforcement.
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Fig. 5.15 Post-earthquake bridge truck load capacity vs. maximum earthquake drift for
residual drift of 0.5% and following cases: (a) Rx0 abutment, truck is in fast
lane; (b) Rx0 abutment, truck is in curb lane; (¢) Rx1 abutment, truck is in fast
lane; (d) Rx1 abutment, truck is in curb lane.
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Fig. 5.16 Post-earthquake bridge truck load capacity vs. maximum earthquake drift for
residual drift of 1.0% and the following cases: (a) Rx0 abutment, truck is in fast
lane; (b) Rx0 abutment, truck is in curb lane; (¢) Rx1 abutment, truck is in fast
lane; (d) Rx1 abutment, truck is in curb lane.
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Fig.5.17 Post-earthquake bridge truck load capacity vs. maximum earthquake drift for

residual drift of 1.5% and the following cases: (a) Rx0 abutment, truck is in fast
lane; (b) Rx0 abutment, truck is in curb lane; (¢) Rx1 abutment, truck is in fast
lane; (d) Rx1 abutment, truck is in curb lane.

139



RXO Abut., Truck is in the fast lane

RXO Abut., Truck is in the curb lane

30000 30000
6000 - o Near Field 6000 [ Near Field
®  FarField 25000 ®  FarField 25000
= 5000 = g 5000 —_
€ 20004 € 20000 &
< 4000 = g 4000 =
& 15000 & & 15000 &
= I | I —
= 3000 X% 3000 5
& 2000 10000 2 2 500 10000 2
1000 f . 3000 1000 f 3000
[ ]
| ]
o 520 . 0 o LH520 n o 0
0 1 2 3 4 5 6 7 0 1 2 3 4 5 6 7
Maximum Earthquake Drift [%] Maximum Earthquake Drift [%]
(@) (b)
Rxl Abut., Truck is in the fast lane Rxl Abut., Truck is in the curb lane
30000 30000
6000 6000 | ®  Near Field
S o o {25000 ®  FarField 25000
5 5000 . o = g 5000} —_
£ . ® 20008 8 20000 &
= 4000 - = 4000 °
g ’ 15000 —‘3 % . . 15000 %
— 3000 | - = = 3000} r L, ¢ ¢ —=
_5 L] Near Field .Mo .-:4) . 'Mo
E ®  FarField 10000 £ B " 10000 £
& 2000 & & 2000 .« °. =
HS20 0 HS20 0
0 1 2 3 4 5 6 7 0 1 2 3 4 5 6 7

Maximum Earthquake Drift [%]

(©)

Maximum Earthquake Drift [%]

(d)

Fig. 5.18 Post-earthquake bridge truck load capacity vs. maximum earthquake drift for
residual drift of 2.0% and the following cases: (a) Rx0 abutment, truck is in fast
lane; (b) Rx0 abutment, truck is in curb lane; (¢) Rx1 abutment, truck is in fast
lane; (d) Rx1 abutment, truck is in curb lane.
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Fig. 5.19 Post-earthquake bridge truck load capacity vs. maximum earthquake drift for
residual drift of 2.5% and the following cases: (a) Rx0 abutment, truck is in fast
lane; (b) Rx0 abutment, truck is in curb lane; (¢) Rx1 abutment, truck is in fast
lane; (d) Rx1 abutment, truck is in curb lane.
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Fig.5.20 Post-earthquake bridge truck load capacity vs. maximum earthquake drift for
residual drift of 3.0% and the following cases: (a) Rx0 abutment, truck is in fast
lane; (b) Rx0 abutment, truck is in curb lane; (¢) Rx1 abutment, truck is in fast
lane; (d) Rx1 abutment, truck is in curb lane.
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6 Conclusions and Future Work

The main goal of this project was to develop an analytical model of a bridge that can be used for
evaluation of post-earthquake traffic load capacity. The analytical model of a bridge will be then
used in estimating the post-earthquake truck load capacities of a typical overpass bridge in
California for a suite of ground motions and a set of parameters that have a great influence on the
truck load capacity. To achieve this, analytical and experimental investigations are combined.
Figure 1.1, repeated here as Figure 6.1 for convenience, shows the steps of the research program

undertaken in this study.
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Fig. 6.1 Methodology for evaluation of remaining capacity of bridge to carry traffic load
after earthquake.

6.1 CONCLUSIONS

The post-earthquake axial capacities of single-bent overpass bridges in California were
experimentally investigated first. The experiments performed on column specimens typical for
tall overpass bridges indicated degradation of the residual axial strength with an increase in the
amount of laterally induced damage. The loss of axial strength increases with an increase of
lateral deformation. The specimen loaded up to the displacement ductility level of 4.5 resulted in
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a loss of axial strength of approximately 20%. At the displacement ductility level of 4.5, the
maximum ductility level tested for, significant damage of concrete cover and core was observed.
However, none of the reinforcing bars or spiral fractured. Thus, it can be concluded that the
bridge columns designed by Caltrans SDC will not experience a significant loss of nominal axial
load carrying capacity after a design earthquake. This conclusion is limited to the bridge columns
with no residual displacements after an earthquake. If the columns have residual displacement,
they have to be analyzed as a part of the bridge structural system.

A reinforced concrete bridge column analytically modeled in OpenSees utilizing a fiber
cross section and a force-based beam-column element with distributed plasticity is capable of
producing a force-deformation response that matches the experimental result well. The cross
sections of the element are represented by assemblages of longitudinally oriented, unidirectional
steel and concrete fibers where concrete is divided into unconfined cover and confined core
areas. The reinforcing steel is modeled with a Steel02 material model. The concrete fibers are
modeled with a Concrete01 material model using Mander’s equations to calculate compressive
and crushing strength of confined concrete.

Hybrid simulation tests on a typical modern overpass bridge in California demonstrated
the capacity of a bridge to carry a heavy truck load immediately after a very strong earthquake.
The earthquake-induced displacement ductility demands of 4.7 and 6.7 in the longitudinal and
transverse directions of the bridge, respectively. Although the damage in the plastic hinge region
of the column specimen (physical portion of the hybrid model) was pronounced, none of its
reinforcing bars or its spiral fractured. This earthquake-damaged bridge column with
approximately zero tilt during the axial compression test had a loss of 15% of its axial strength.

Using the analytical model of a bridge developed and calibrated based on the quasi-static
and hybrid simulation test data, it was shown that the following parameters have a significant
influence on the post-earthquake truck load capacity: the abutment type, the residual drift of the
bridge,, the position of the truck on the bridge relative to the superstructure centerline, and the
ultimate strain in column reinforcing bars. The post-earthquake truck load capacities of a typical
modern overpass bridge in California were evaluated for a suite of ground motions and a set of
the important parameters in order to show the trends of the post-earthquake truck load capacity
with the change of significant parameters. As a function of residual drift, the truck load capacity
of the bridge degrades faster for the bridge with no torsional restraints at the superstructure ends

than for the bridge with torsional restraints at the superstructure ends. There is an additional
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reduction of the truck load capacity if the truck is located in the curb lane rather than the fast
lane. The analysis has also shown that it is unsafe to use the bridge after an earthquake if the
abutments are not able to provide torsional restraints at the superstructure ends and at least one of
the bridge columns has failed, i.e., at least one of its reinforcing bars fractured during the
earthquake. In the case of the bridge that has damaged but not failed columns, and abutments
with no torsional restraints traffic restrictions (speed and weight) are necessary if residual drifts
are bigger than 1.5%. If after an earthquake the abutments still provide torsional restraints at the
superstructure ends and there are no broken reinforcing bars in any of the columns, the bridge

may be open for traffic immediately after the earthquake.

6.2 FUTURE WORK

The experiments and analyses of the post-earthquake bridge truck load capacities presented in
this document are, to the authors’ knowledge, the first of their kind. Since this study is based on
one specific bridge type, its main purpose is to show the trends of the post-earthquake truck load
capacity of that bridge type with respect to variations of a number of significant parameters.
Thus, the study can be further extended to include all bridge types in the California highway
traffic network, and broadened further to bridge types in the U.S. network. Additional research is
also needed to more precisely relate post-earthquake truck load capacity of the bridge to the
damage level of the bridge columns and the degree of torsional restraints at the superstructure
ends. The final aim would be a set of quantitative guidelines for estimating the remaining
capacity of a bridge to carry traffic load after an earthquake, based on observed residual
deformation and damage state of the columns and the abutments. An attempt can also be made
toward developing a simple model (for use in design offices and inclusion into Caltrans SDC) for
evaluating the post-earthquake axial load capacity of individual bridge columns as function of
their design parameters: however, caution should be exercised here because the bridge responds
to traffic load as a system rather than as a set of individual columns. A stand-alone column
model would, therefore, have to be conservative and thus, may not be very useful. Instead, the
analytical model developed and calibrated in this study should be used as the basis for
developing bridge-level models to evaluate post-earthquake traffic load capacity.

The effect of high-cycle traffic load fatigue on the post-earthquake axial load carrying
capacity of damaged bridge columns needs to be investigated. The effect of high cycle fatigue is
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of concern for slightly damaged bridges that do not require a repair after an earthquake. Cracks
developed in the bridge columns under the earthquake load may spread and enlarge under the
service load, inducing larger strain cycles in already strained reinforcing bars, and thus adversely

affect the remaining axial load carrying capacity of the bridge columns and the remaining traffic

load capacity of the bridge.
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Appendix A: Materials and Construction

A.1  MATERIALS

Longitudinal steel reinforcement, spiral steel reinforcement, and plain concrete cylinders were
tested to determine the stress-strain response. The modulus of elasticity of the steel and the
concrete, together with stress and strain values that are used in the column modeling, were based

on the material testing.

A.1.1 Longitudinal Reinforcement

Longitudinal reinforcement (bar #4/13M) met the ASTM Designation A 706 requirements. The
longitudinal reinforcement used for the construction of the seven test specimens and for the
material testing was specified to be from a single batch of steel delivered in a single batch (to
limit variation in steel properties). The reinforcing bars were tested using standard testing
methods. A 20-in. bar length was cut and the center section was machined to localize bar
yielding and permit precise measurement of the machined bar diameter. Four coupons were
tested to obtain the stress-strain response of the bar. The responses for the test specimens are
shown in Figure A.1. The two tests, labeled LB3 and LB4 in Figure A.1, were unsuccessful after
the yielding of the specimen. The slippage of measuring instruments relative to the bar was
observed. The steel had an average yield strength of 70.7 ksi (487 MPa). The yield plateau
extended from approximately 0.0025 in./in. to a strain of 0.01 in./in. The fracture strain was

approximately 0.2 in./in. The average modulus of elasticity was approximately 29000 ksi.
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Fig. A.1 Longitudinal reinforcement stress-strain response.

A.1.2 Spiral Reinforcement

Steel wire (W3.5) with ASTM Designation A 82 was selected for the spiral reinforcement. The
spiral reinforcement used for the construction of all test specimens and for material testing was
from the single batch of steel. Three coupons were tested to obtain the stress-strain response of
the spiral. Figure A.2 shows the measured response. The yield strength corresponded to a strain
of 0.005 and was determined to be 95 ksi (655 Mpa). The apparent fracture strain was 0.044
in./in. The ultimate strength of the steel was 106 ksi (731 MPa).
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Fig. A.2 Spiral reinforcement stress-strain response.



A.1.3 Plain Concrete

The concrete mix was designed to approximate the prototype column mix, with a 28-day target
strength of 5 ksi. This target strength was selected to match the concrete strength data collected
by Caltrans from constructed bridges. Table A.1 provides details of the mix. Another mix design
goal was to achieve the target strength of a period of about 60 days and to prevent a significant
change of concrete strength thereafter. Thus, the specimens tested over a period of approximately
six months would have approximately the same strength at the day of testing. The seven columns
(the four to be tested laterally in quasi-static manner and then crushed axially, one to be tested
axially, and two to be tested using hybrid simulation technique and then crushed axially) were
cast in two phases outside the laboratory facility. The seven anchor blocks were cast on May 18,
2007, from a single batch of concrete. The seven columns were cast on June 18, 2007, from a

single batch of concrete.

Table A.1 Concrete mix data.

Max. size | 28-Day | Slump | W/C Coarse Fine Cement | Fly ash | Water
Aggregate | Strength Ratio | Aggregate | Aggregate
Weight Weight
[in] [ksi] [in] [-] [1b] [1b] [1b] [1b] [1b]
3/8 5.0 6 0.425 1000 1955 494 211 300

During each casting, a slump test was performed to ensure that the concrete slump was
around 6 in. The anchor block concrete had a slump of 5.75 in., while the column concrete had a
slump of 7 in. Concrete cylinders, 12 in. in height and 6 in. in diameter, were cast with the
anchor blocks and columns (Fig. A.3). The cylinders were kept in the same location as the test
specimens. The forms of the cylinders were removed when the column forms were removed. The
cylinders from anchor block concrete were tested at 7 and 28 days, while the cylinders from
column concrete were tested at 7, 28, 35, 42, and 49 days to measure compressive strength.

Three tests were performed on each test day. Table A.2 gives the average results for the tests.



(a) Casting concrete cylinders (b) After casting concrete cylinders

Fig. A.3 Casting concrete cylinders.

Table A.2 Development of concrete strength.

Cylinders 7-Day  28-Day 35-Day 42-Day 49-Day

Anchor Blocks 3.26 ksi  5.39 ksi

Columns 396ksi 4.93ksi 4.67ksi 5.20 ksi 5.07 ksi

Additional material tests were performed on the day of the test. The tensile, compressive,
and stress-strain responses of the anchor block and column concrete were measured; 3 splitting
and 3 compressive tests were performed. The experimental setups for the two tests are shown in
Figure A.4. Three tests were performed for each type of the test. Table A.3 gives the average
results for the compressive strength (f;) and modulus of elasticity (E;) for both concrete batches.
The average results for the tensile strength are presented in Table A.4. Figures A.5 and A.6 show
how the column and anchor block concrete strength, respectively, was developed with time.

Figures A.7-A.13 give the measured stress-strain response for each column.



(a) Splitting test (b) Compression test

Fig. A.4 Experimental setups for concrete cylinder tests.

Table A.3 Compressive strength and modulus of elasticity on or near day of test.

Test fc,col fc,anc.bl Ec,col Ec,anc.bl

Designation [ksi]  [ksi] [ksi] [ksi]

Base0 548 593 2998 3047
Basel.5 505 550 2829 2824
Base3 496 523 2861 2899
Base4.5 509 576 3067 3123

ShearShort4.5 6.34 6.56 3483 3322
HSM 6.21 647 3645 3379

HSH 6.39 6.69 3647 3519




Table A.4 Tensile strength on or near day of test.

Test Columns Anchor blocks Columns Anchor blocks
Designation [ksi] [ksi] [%of:] [%of:]
Base0 0.40 0.45 7.3 7.6
Basel.5 0.41 0.45 8.0 8.3
Base3 0.35 0.41 7.1 7.9
Base4.5 0.43 0.39 8.5 6.8
ShearShort4.5 0.42 0.51 6.7 7.7
HSM 0.43 0.48 7.0 7.5
HSH 0.44 0.55 6.9 8.2

Fig. A.5 Development of column concrete strength with time.
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Fig. A.6 Development of anchor-block concrete strength with time.
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Fig. A.7 Measured plain-concrete stress-strain response for test Base0.
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Fig. A.9 Measured plain-concrete stress-strain response for test Base3.
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Fig. A.10 Measured plain-concrete stress-strain response for test Base4.5.
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Fig. A.13 Measured plain-concrete stress-strain response for test BaseHST2.

A.2  CONSTRUCTION PROCEDURES

Procedures to construct the test specimens were established to mimic the construction sequence
in the field. The construction process had four major phases: construction of the reinforcement
cages, casting of the anchor blocks, preparation for column casting including plumbing the
column reinforcement and forms, and installation of the steel jackets at the tops of the columns,
and column casting.

The columns were constructed outside the structural laboratory at the Pacific Earthquake
Engineering Research Center, Richmond Field Station, of the University of California. A local

contractor constructed the specimens. The reinforcing steel was cut and bent off-site and
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delivered to the job site. The anchor block cages were constructed and placed inside the forms.
The bottom portions of the anchor block cages were constructed first (Fig. A.14). The
longitudinal bars were placed in specified positions and secured (Fig. A.15). The strain gages
were attached to longitudinal steel prior to construction of the columns. The spiral reinforcement
was wound around longitudinal steel in the anchor block region of the column. The top portion
of the anchor block cage was constructed. The anchor block ties were placed, completing the

reinforcement cage construction. The cages were placed into the forms (Fig. A.16).

Fig. A.15 Placement of longitudinal bars.
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Fig. A.16 Anchor block reinforcement cage.

Concrete from the shoot of the concrete truck was placed into the anchor block
framework and vibrated (Fig. A.17). The exposed surface was finished (Fig. A.18) and wet cured
by covering the surface with thick nylon sheets. Placing of the spiral reinforcement finished the
construction of the column cages (Fig. A.19a). Strain gages were attached to column spiral. A
heavy-wall Sonotube, 1/2 in. thick, was placed over each column reinforcement cage to serve as
formwork (Fig. A.19b). Half-inch dobies (form spacers) were used to space the reinforcement
cage and formwork. Strain gage wires were pulled out from the formwork and instrumentation
rods were placed through holes in the formwork (Fig. A.20). A wood structure for holding the
steel jackets in place during casting of concrete was built. The steel jackets were placed in
specified positions and served as formwork for the top portions of columns (Fig. A.21). Concrete
was placed into the formwork. The exposed portion of the column was wet cured for a period of

7 days at which time the forms were stripped (Fig. A.22).



Fig. A.18 After casting the anchor blocks.



(a) After construction of the column cage (b) After putting the Sonotube

Fig. A.19 Column cage and formwork.

(@) (b)

Fig. A.20 After placing instrumentation rods.



Fig. A.22 After stripping forms.



Appendix B: Selection of Loading Pattern for
Quasi-Static Tests

In order to define the most suitable pattern of loading for bilateral quasi-static tests, nonlinear
time history analyses were performed. The two existing single-column-bent overpass bridges,
designated as MGR and W180 (Aviram et al. 2008), were considered in analysis. Columns of the
bridges were slightly modified to match the geometry and reinforcement of the prototype column
for the Base-Column specimen (refer to Table 2.5). The geometry of the analyzed bridges is
given in Table B.1.

Table B.1 Geometry of bridges.

Bridge No. Outer Inner Deck  Deck No. Col. Col.
type spans  spans spans width  height Cols Diam.  Height

109.7 ft 1463 ft 423 ft 6.23ft 6.25 ft 50 ft
MGR 3 2

3345m 4460m 1290m 1.90m 191m 1524m

1426 ft 193.6ft 41.2ft 7.741t 6.25 ft 50 ft
W180 4 3

4347m 59.00m 12.57m 236m 191m 1524 m

Two suites of ground motions (20 records per suite) representing two different rupture
mechanisms were considered: strike-slip and thrust-fault. The strike-slip ground motions were
selected from near-field earthquake records (with fault distance of less than 10 km). Both fault-
normal and fault-parallel motion components were considered. The thrust fault earthquakes were
far-field earthquakes.

To model the bridges, a three-dimensional nonlinear finite element models were

developed in OpenSees (http://opensees.berkeley.edu). A finite element model is a spine model

of the bridge structure with line elements located at the centroid of the cross section following



the alignment of the bridge. Three-dimensional nonlinear beam-column elements with
corresponding cross-sectional properties were used to model the columns. The nonlinear beam-
column elements are based on force formulation and consider the spread of plasticity along the
element. The parameters that define nonlinear reinforced concrete columns were calibrated based
on Lehman’s test (Lehman 2000) and are given in Section 4.2 of this document. The
superstructure was modeled using elastic beam elements. All six degrees of freedom were
restrained at the bases of the columns. Single point constraints against displacement in the
vertical direction (vertical support) were defined at the superstructure ends.

The displacement ductilities at the tops of the columns were traced, and the most
representative responses are shown. Figure B.1 shows displacement ductility orbits at the top of
the column for the strike-slip earthquake, where a component of the fault-normal motion is
aligned with the transverse direction of the bridge. The results are shown in Figure B.2 for the
same type of earthquake with a fault-parallel motion aligned with the transverse direction of the
bridge. The results related to the thrust-fault earthquakes are shown in Figure B.3. On the plots in
Figures B.1-B.3, the X axes correspond to displacement ductility in the longitudinal bridge

direction and the Y axes correspond to displacement ductility in the transverse direction.
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From the results shown in Figures B.1-B.3, it can be observed that the bridge columns
have proportional responses in the X and Y directions for most of the ground motions. Excluding
the responses from the near-field earthquakes with a pronounced impulse, all the other responses
are a combination of dumbbell-like patterns and “C”- like patterns. Thus, from all the loading
patterns shown in Figure 2.5, it can be concluded that the circular loading pattern yields the best
envelope for typical bridge responses.

The two loading patterns with the circular orbits were considered (Fig. B.4). The first
loading pattern (Loading Pattern I), schematically shown in Figure B.4a, is defined by two cycles
at each displacement level. In the first cycle, starting from the initial position O the specimen is
displaced toward position A, after which the circular pattern of displacement follows a clockwise
direction until the end of the circle, point B. The specimen is then moved back to the initial

position O (red line in Fig. B.4a). In the second cycle the path O-C-D-O is followed with the
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circular path C-D in the counterclockwise direction (blue line in Fig. B.4a). On the other hand,
the second loading pattern (Loading Pattern II), schematically shown in Figure B.4b, is defined
by one cycle at each displacement level. At the current level of displacement the specimen
follows the path O-A-B-O with the circular path A-B in the clockwise direction (red line in Fig.
B.4b), while at the subsequent level of displacement the specimen follows the path O-D-C-O
with the circular path C-D in the counterclockwise direction (blue line in Fig. B.4b). In
developing the loading patterns care was taken not to induce torsion in the column considering

that there is an unavoidable small eccentricity inherent to the actuator mounts.

Y A

“Vv
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2nd CYCLE “® 2nd disp. level
(a) Loading Pattern | (b) Loading Pattern II

Fig. B.4 Two loading patterns considered for quasi-static tests.

The displacement histories of the two loading patterns are shown in Figure B.5. The
Loading Pattern I was chosen to be used in the quasi-static tests as it does not induce any bias in
lateral deformation of the column. Moreover, the Loading Pattern I with the two cycles at each
displacement level provides an indication of the degradation characteristics of the column at the

same displacement level and is more demanding in terms of low-cycle fatigue.
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Appendix C: Experimental Setup and
Instrumentation

C.1 EXPERIMENTAL SETUP: QUASI-STATIC LATERAL TESTS

The experimental portion of the research program was designed to characterize the cyclic
response of circular bridge columns subjected to bidirectional lateral loading. The prototype
column is modeled as a cantilever column representing the bottom half of a bridge column that is
fully fixed into the foundation (shaded region in Fig. C.1). The test specimen was constructed to
model the column only; the influence of the pile response or soil-structure interaction was not

modeled.

wed |

(a) Longitudinal bridge direction

(b) Transverse bridge direction

Fig. C.1 Modeled section of prototype system column.

The specimens were modeled and tested in the upright position. Prior to testing, the

columns were moved into position in the laboratory. The setup procedure here consisted of



placing the specimen and the hydrostone, then prestressing the anchor block to the laboratory
floor, attaching the horizontal actuators, and attaching the axial load setup. The following
paragraphs summarize the procedure used in the laboratory setup.

The specimens were tested in the NEES Laboratory at the Richmond Field Station at the
University of California, Berkeley. The plan and elevation views of the specimen in position in

the laboratory are shown in Figures C.2 and C.3.

Anchor block
Pressure jack
FSpreader beam

Fig. C.2 Plan view of experimental setup.
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Fig. C.3 Elevation (A-A) of experimental setup.

The column was placed approximately 8.5 ft from the reaction wall and the anchor block
was centered on holes in the floor. Holes in the laboratory floor are spaced at 3 ft on center. The
anchor block was placed on -in. thick steel spacers. The hydrostone was poured through the
holes of the anchor block, to fill the gap between the anchor block and the floor. The holes were
constructed by placing PVC pipe in the anchor block prior to casting the concrete. There were
eight holes placed at the perimeter of each anchor block. Two holes were used for post-
tensioning of the bottom clevises of the threaded rods that are part of the axial load setup to the
laboratory floor. Another six holes were for post-tensioning of the anchor block of the specimen
to the laboratory floor.

The hydrostone was allowed to cure for 24 hours. Then the anchor block was post-
tensioned to the laboratory floor with six high-strength rods, as indicated in Figure C.4. The rods
were post-tensioned to a force of 100 kips apiece to restrain rotation of the anchor block and
prevent sliding of the specimen during the lateral test. To define the required prestressing force
to restrain the rotation of the anchor block in any direction, P, .., the following three cases of
the lateral load orientation were considered: (i) Case I — the lateral force is aligned with the

diagonal of the anchor block, (ii) Case II — the force is aligned with the horizontal X axis of the
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anchor block, and (iii) Case III — the force is aligned with the vertical Y axis of the anchor
block (Fig. C.4). The prestressing force that is developed in the rods for the three considered

cases can be calculated from Equations C.1-C.3 as

v H+P-L. 2

2
Rmax asel — (Cl)
el 125-L-+2
Voo " H+ Pé
R’,max,CaseI] = 2L s (C2)
Vo - H +P-§
R’,max,Case[l[ = 3 L s (C3)

where Vmax 1S the shear capacity of the column, P is the axial load applied during the lateral test,
H 1is the height of the specimen and L is the distance of post-tensioned rods along the vertical Z
axis of the anchor block. Figures C.5a—b show the equilibrium of the laboratory configuration for
Case I and Case 11, respectively.

In addition to restricting specimen rotation, prestressing force was required to prevent
sliding of the test specimen. Hydrostone was placed between the specimen and the laboratory
floor to provide a reliable shear transfer mechanism. Assuming a hydrostone friction coefficient

of 0.2, the force in each rod is:

R” max, s/ = Vmax — 0.2 : P . (C~4)
e 02-6
‘ L2 ‘ L/2 ‘
— O O O
Case |
- Case 11
Case III
—1 O O @)

Fig. C.4 Layout of rods.
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Fig. C.5 Equilibrium of laboratory configuration.

The maximum forces that can be developed in a rod for the three lateral load cases are
tabulated for the Base- and Shear-Short Column specimens in Table C.1. Given the maximum
possible force in a rod of 65 kips, a prestressing force of 100 kips per rod provides adequate

attachment of the anchor block to the laboratory floor.

Table C.1 Forces in post-tensioned rod.

Prestressing force Base spec. Shear-Short spec.

Pt max.Case 1 53 kips 65 kips
P max Case 11 36 kips 44 kips
P max Case 11 24 kips 29 kips
P max st 4 Xips 12 kips

Each column was subjected to a constant axial load and a cyclic bidirectional lateral load.
The axial load was applied by prestressing two rods, one on each side of the specimen, using
manually controlled jacks. The axial load was transferred from the rods to the column by a
spreader beam. An axial load approximately equal to 10% of the column’s nominal axial load

capacity was maintained during the lateral test. This load varies with the strength of the concrete
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of the specimen, obtained by testing concrete cylinders on the day of the test. The axial loads for

all quasi static tests are given in Table C.2.

Table C.2 Axial load matrix.

Test Axial load
100 kips
Basel5
445 kN
100 kips
Base3
445 kN
100 kN
Base45
445 kN
130 kips
ShearShort45
578 kN

The axial load setup consisted of a 2D hinge, a spreader beam, two prestressing jacks,
and two threaded rods with the clevises at the ends of each rod containing spherical swivels (Fig.
C.6). The bottom clevises were positioned above appropriate holes on the anchor block and
prestressed to the laboratory floor by two high-strength rods (Fig. C.7b). Hydrostone was placed
between the lower clevis and the anchor block. The top clevises were connected to the pressure
jacks and the spreader beam by short threaded rods. The main threaded rods were threaded into
sleeves of the top end bottom spherical swivels (Fig. C.7a). Spherical hinges (swivels) were
provided at both ends of the rods in order to avoid bending of the rods during bidirectional
displacements of the column. A 2D hinge (Fig. C.8) connected the spreader beam to the column,
maintaining the horizontal position of the beam in the plane of the rods during the lateral

displacements of the column. In this way, buckling of the rods was avoided.



(a) Post-tensioned rod (b) Bottom clevis (c) Top clevis

Fig. C.7 Post-tensioned rod details.



Fig. C.8 2D hinge.

The bidirectional lateral load was applied using the two servo-controlled hydraulic
actuators. The actuators applied the force to the top of the column and reacted against the
reaction frame, as shown in Figures C.2 and C.6. The actuators had 120 kips load and 36 in.
stroke capacities. To attach the actuators at the top of the column, a 0.5 in. (1.27 cm) thick steel
jacket was placed at the top of the reinforced concrete column during construction. The steel
jacket (Fig. C.9) had two vertical plates to provide attachment for the actuators and two

horizontal plates to provide load transfer from the actuators to the column.

Fig. C.9 Attachment of actuators to column.
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The tested system consisted of the column and the axial load setup. To displace the top of
the column laterally, the stiffness of the whole system was engaged. Thus, the lateral forces
measured by the load cells of the actuators during the quasi-static test originated from two
sources: (i) the column and (ii) the axial load setup. While the column experienced plastic
deformations during the tests, all elements of the axial load setup behaved elastically. Therefore,
the lateral force originating from the axial load setup could be easily extracted from the total
force.

The lateral forces originating from the axial load setup are the horizontal components of
the tension forces in the post-tensioned rods. As the top of the column is displacing during a
bilateral quasi-static test, the post-tensioned rods tilt. Thus, the tension forces in the rods have
three components of load in the global coordinate system: Py, Py, and P The axes of the global
coordinate system are chosen to follow the right-hand rule where X axis is aligned with the
spreader beam and the Z axis is aligned with the column pointing upward. The vertical
component of the load (the axial force for the column), P., and the horizontal components (lateral

forces for the column), P, and P,, can be expressed as:

P,=2-P-cos(p,), (C.5)

P, =2-P-cos(p,)- % (C.6)
Lmd

P, =-2-P-sin(p,), (C.7)

where P is the force applied on the spreader beam by the pressure jack, ¢, is a rotation of the
spreader beam around the X axis (the only axis of rotation), u, is a displacement of the spreader
beam in the X direction, and L,,; is the length of the post-tensioned rod (pin-to-pin distance).
Figure C.10 identifies parameters that enter into Equations C.5—C.7 by showing the deformed

configuration of the axial load setup in the X and Y directions.



Initial configuration

Deformed configuration

A0 1 A

| %j H

‘L

(a) X-direction (b) Y direction (c) Y direction
column location rod location

Fig. C.10 Initial vs. deformed configuration of axial test setup in X and Y directions.

C.2 INSTRUMENTATION

To monitor displacements, rotations, and curvature along the height of the column, the columns
were instrumented externally using displacement potentiometers at several levels along the
height of the column. Three points at each level (referred to as target points, Fig. 2.11b) were
instrumented with three displacement potentiometers per point (Fig. 2.11). The instruments were
connected to the target points of the column by piano wires. All instruments were attached to the
instrumentation frames located on three sides of the specimen (Fig. 2.12). The displacements of
any target point at any level of the column were measured in three arbitrary spatial directions and

mathematically transformed to displacements of the point in the global XYZ system. The axes of
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the global coordinate system are chosen to follow the right-hand rule where the X axis is parallel
with the spreader beam and the Z axis is parallel with the column.

Figure C.11 shows the sketch of instrumentation for a target point P whose displacements
are traced during the test. Three instruments whose locations are designated as points 1, 2, and 3
are connected to the target point P by piano wires and measure the displacements of the target
point P in the directions of the piano wires. The points 1, 2, 3, and P form a pyramid where the
point P is the apex of the pyramid. When viewed from the apex of the pyramid, the points 1, 2,

and 3 have a counterclockwise orientation.

Fig. C.11 Sketch of instrumentation for a target point P.

The positions of the instruments as well as the initial position of the target point P are
defined in the global coordinate system (XYZ) whose origin is located at point 1. Thus, the
position of the instrument 1 in the global coordinate system (GCS) is [0, 0, 0], the position of
instrument 2 in the GCS is [X;, Y5, Z,], the position of instrument 3 in the GCS is [X;, V3, Z;],
and the initial position of target point P in the GCS is [Xpn, Ypin, Zp.n]. Therefore, the distances

among the instruments designated as L;, L,, and L; can be calculated as follows:

L =norm(X,,Y;,Z,), (C.8)
L2 :norW(XZaYZaZZ)a (C9)
Ly =norm(X, — X,,Y, - Y,,Z, - Z,), (C.10)



where norm is a function that assigns length to a vector. For instance, the norm of a vector (X, Y,

Z)is:
norm(X,Y,Z)=~X*+Y*+2Z°. (C.11)

The distances from the instrument locations 1, 2, and 3 to the target point P (including the

instrument reading), designated as Ly, Ls, and Ls can be calculated as follows:

Ly=norm(Xp,, =X, Y, =V, Zp,, —Z)+IR,, (C.12)
Ly =norm(X,,, —X,,Y,, = Y,,Z,,, —Z,)+IR,, (C.13)
Ly =norm(X,, —X;,Y,,, =Y, Z,, —Z;)+IR;, (C.14)

where IR, IR, and IR; are the readings of instruments 1, 2, and 3, respectively.

Since instrument measurements do not coincide with the global coordinate axis, local
right-hand coordinate system (xyz) is established to trace the displacements of target point P.
The origin of the local coordinate system (LCS) coincides with the origin of the global
coordinate system (point 1). The local y-axis passes through point 3 and the local x-axis is
chosen such that the base of the pyramid lies in x-y plane.

The positions of instruments 2 and 3 in the LCS are [x,, y,, 0] and [0, y3, 0] and can be

calculated as follows:

x, =L, -sin(@), (C.15)
v, =L, -cos(@), (C.16)
y,=1L, (C.17)

where o is the internal angle of the base of the pyramid between sides 12 and 13 and can be

calculated using Equation C.18.

o= -1 L§—L§ _Lf
=cos || =—2—1 (C.18)
—2-L-L,

The position of point P in the local coordinate system is [x, y, z] and can be calculated using

Equations C.19-C.21.

LY s =Lty Lo+ vy + 3L~ L
—2:X, )5

(C.19)



22 _ 2
yp=eToa Tl (C.20)
_2.y3

z=yL,—x" -y’ (C.21)

Finally, the position of point P in the GCS can be calculated using transformation matrix
M whose columns are unit vectors along the local axes x, y, and z, expressed by the vectors in
the GCS. For example, the second column of the matrix M is the unit vector along the local y-

axis, expressed as follows:

X,
norm(X,,Y;,Z;)
Y
M, = 3 ] (C.22)
norm(X,Y;,Z,)
Z,

_norm(X3,Y3,Z3)_

After the transformation matrix is formed, the coordinates of point P in the global coordinate

system [X, Y, Z] can be calculated using Equation C.23.

(X Y Zl=[x y z]-M' (C.23)

Oy
P2 Dy
P3 \
Dx Px
P P1, P2, P3 - target points
O - center of the cross-section
A1 - area of trianle OP2P3
A - area of trianle OP3P1
A3 - area of trianle OPiP2
(a) (b) ()

Fig. C.12 Transformation of displacements at target points to displacements and rotations
at centroid of column’s cross section that plane defined by points P1, P2, and P3
intersects.



Consider a plane defined by three target points Py, P,, and P3 (Fig. C.12a). Since the three
components of displacements of the target points can be traced during the test, they will be used
to calculate three displacements and three rotations at the centroid of a column’s cross section
where the plane defined by points P;, P, and Ps intersects. If the origin of the GCS is positioned
at the centroid of the section, then the coordinates of the points Py, P,, and P; in GCS are defined
as [X;, Y1, Z1], [Xo, Yo, Z5], and [X3, Y3, Z3]. The coordinates of the three target points in the

matrix 7 are as shown:

Xl Yl Zl
T=|X, Y, Z, (C.24)
X3 Y3 Z3

The plane formed by the points P;, P, and P; can be defined by Equation C.25, where
coefficients 4, B, C, and D are given by Equation C.26, Equation C.27, Equation C.28, and
Equation C.29, respectively.

A X+B-Y+C-Z+D=0 (C.25)
1 Y Z
A=1 Y, Z, (C.20)
1 Y, Z
X, 1 Z
B=\X, 1 Z, (C.27)
X, 1 Z;
X, ¥ 1
c=X, Y, 1 (C.28)
X, Y 1
XY Z
D=-X, Y, Z, (C.29)
X, Y Z

Assuming that the distances between points P, P,, and P; do not change during the test,
the displacements of the centroid of the cross section can be traced during the test if the ratios of
the areas A;/Ar, Ay/Ar and A3/Ar are known (Fig. C.12b). The area of the triangle formed by

points P;, P,, and P; is designated as 47. Forming a row vector V' consisting of the area ratios as
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shown in Equation C.30, the displacements of the centroid of the considered cross section can be

calculated using Equation C.31.

A A A
y=[n L2 4 C.30
[AT 4, AT] (C.30)
D=[D, D, D,]=V-T (C.31)

Neglecting the rotation around the Z axis (torsional rotation), the rotations of the plane
defined by points P;, P,, and P around the X and Y axes are calculated using Equations C.32 and
C.33 where coefficient 4, B, and C are defined by Equation C.26, Equation C.27, and
Equation C.28, respectively.

¢y =—a tan(gj (C.32)

A
Yy, =a tan(Ej (C.33)

Since the initial plane that points P;, P,, and P; define does not coincide with the X-Y plane,
initial rotations @y and @y have to be calculated and subtracted from the rotations calculated for
any instant in time during the test to get the rotations of the X-Y plane. Figure C.12¢ shows the
sign convention for the displacements and the rotations of the centroid of the cross section.

After the rotations are calculated at the discrete points along the height of the column, the

average curvatures of the segments between the points with known rotations can be calculated as

follows:
av; 1
K)(ig = H, '((py,m _¢y,t) (C.34)
av 1
Kng = H '(?X,m _¢X,i) (C.35)

1

where Ki; and Ky; are the average curvatures in the X and Y directions of the i segment that is
bounded by the instrumented sections i and i+/ (numbering goes from bottom to top of the

column), H; is the height of the ih segment, Qy;+; and @y, are the rotations of the i+/ ' section

and @y; and @y; are the rotations of the i section in the X and Y directions.



The average curvatures of the segments calculated based on the rotations of the sections
can be compared with the average curvatures calculated using the readings of the strain gages
attached to the longitudinal bars. Based on these readings, the curvatures at the i™ section can be

calculated as follows:

Ky, :%'(‘C"L,i _€R,i) (C.36)
1
Ky, :Z'(‘gm _83,1') (C.37)

where Ki; and K5; are the curvatures in the X and Y directions of the ih section, /4 is the distance

between the strain gages in the X or Y direction, and &r;, &g, &1i, and & ; are the readings of the

" section. The positions of the strain gages in the section are

strain gages located in the 7'
designated with letters: L, B, R, and T (Fig. C.13).

T

B

Fig. C.13 Positions of strain gages in section.
Replacing the index i with the index i+/ in Equations C.36 and C.37, the curvatures at

the i+I* section can be calculated. The average curvatures of the i segment bounded by the i

and i+ sections are:

1
K';;g :E'(K)(i +KX1’+1) (C.38)
av; l
KYig :E' (KYi + KYi+1) (C.39)



Appendix D: Ground Motion Records

Specific information detailing all the ground motion records used to study post-earthquake traffic
capacity of the bridge is contained in the tables of this Appendix. The records were obtained
from the PEER Center ground motion database available at htpp://peer.berkeley.edu/. The tables
are separated according to bin. In the tables, M stands for the moment magnitude and R stands

for the closest distance to the fault rupture.



Table D.1 Record bin LMSR (large magnitude, small distance).

Record ID Event Year M R (km) Station Soil Mechanism
AGW Loma Prieta 1989 6.9 28.2 Agnews State Hospital D  reverse-oblique
CAP Loma Prieta 1989 6.9 14.5 Capitola reverse-oblique
GO03 Loma Prieta 1989 6.9 14.4 Gilroy Array #3 D  reverse-oblique
G04 Loma Prieta 1989 6.9 16.1 Gilroy Array #4 D  reverse-oblique
GMR Loma Prieta 1989 6.9 24.2 Gilroy Array #7 D  reverse-oblique
HCH Loma Prieta 1989 6.9 28.2 Hollister City Hall D  reverse-oblique
HDA Loma Prieta 1989 6.9 25.8 Hollister Differential Array D  reverse-oblique
SVL Loma Prieta 1989 6.9 28.8 Sunnyvale - Colton Ave. D  reverse-oblique
CNP Northridge 1994 6.7 15.8 Canoga Park - Topanga Can. D reverse-slip
FAR Northridge 1994 6.7 239 LA - N Faring Rd. D reverse-slip
FLE Northridge 1994 6.7 29.5 LA - Fletcher Dr. D reverse-slip
GLP Northridge 1994 6.7 25.4 Glendale - Las Palmas D reverse-slip
HOL Northridge 1994 6.7 25.5 LA - Hollywood Stor FF D reverse-slip
NYA Northridge 1994 6.7 22.3 La Crescenta-New York D reverse-slip
LOS Northridge 1994 6.7 13.0 Canyon Country - W Lost Cany D reverse-slip
RO3 Northridge 1994 6.7 123 Sun Valley - Roscoe Blvd D reverse-slip
PEL San Fernando 1971 6.6 21.2 LA - Hollywood Stor Lot D reverse-slip
B-ICC Superstition Hills 1987 6.7 13.9 El Centro Imp. Co. Cent D strike-slip
B-IVW Superstition Hills 1987 6.7 24.4 Wildlife Liquef. Array D strike-slip
B-WSM Superstition Hills 1987 6.7 13.3 Westmorland Fire Station D strike-slip




Table D.2 Record bin LMLR (large magnitude, large distance).

Record ID Event Year M R (km) Station Soil Mechanism
A-ELC Borrego Mountain 1968 6.8 46.0 El Centro Array #9 D strike-slip
A2E Loma Prieta 1989 6.9 57.4 APEEL 2E Hayward Muir Sch. D  reverse-oblique
FMS Loma Prieta 1989 6.9 43.4 Fremont - Emerson Court D  reverse-oblique
HVR Loma Prieta 1989 6.9 31.6 Halls Valley D  reverse-oblique
SIW Loma Prieta 1989 6.9 32.6 Salinas - John & Work D  reverse-oblique
SLC Loma Prieta 1989 6.9 36.3 Palo Alto - SLAC Lab. D  reverse-oblique
BAD Northridge 1994 6.7 56.1 Covina - W. Badillo D reverse-slip
CAS Northridge 1994 6.7 49.6 Compton - Castlegate St. D reverse-slip
CEN Northridge 1994 6.7 30.9 LA - Centinela St. D reverse-slip
DEL Northridge 1994 6.7 59.3 Lakewood - Del Amo Blvd. D reverse-slip
DWN Northridge 1994 6.7 47.6 Downey - Co. Maint. Bldg. D reverse-slip
JAB Northridge 1994 6.7  46.6 Bell Gardens - Jaboneria D reverse-slip
LHI Northridge 1994 6.7 36.3 Lake Hughes #1 D reverse-slip
LOA Northridge 1994 6.7 42.4 Lawndale - Osage Ave. D reverse-slip
Lv2 Northridge 1994 6.7 37.7 Leona Valley #2 D reverse-slip
PHP Northridge 1994 6.7 43.6 Palmdale - Hwy 14 & Palmdale D reverse-slip
PIC Northridge 1994 6.7 32.7 LA - Pico & Sentous D reverse-slip
SOR Northridge 1994 6.7 54.1 West Covina - S. Orange Ave. D reverse-slip
SSE Northridge 1994 6.7 60.0 Terminal Island - S. Seaside D reverse-slip
VER Northridge 1994 6.7 39.3 LA - E Vernon Ave. D reverse-slip




Table D.3 Record bin SMSR (small magnitude, small distance).

Record ID Event Year M R (km) Station Soil Mechanism
H-CAL Imperial Valley 1979 6.5 23.8 Calipatria Fire Station D strike-slip
H-CHI Imperial Valley 1979 6.5 28.7 Chihuahua D strike-slip
H-EO01 Imperial Valley 1979 6.5 15.5 El Centro Array #1 D strike-slip
H-E12 Imperial Valley 1979 6.5 18.2 El Centro Array #12 D strike-slip
H-E13 Imperial Valley 1979 6.5 21.9 El Centro Array #13 D strike-slip
H-WSM Imperial Valley 1979 6.5 15.1 Westmorland Fire Station D strike-slip
A-SRM Livermore 1980 5.8 21.7 San Ramon Fire Station D strike-slip
A-KOD Livermore 1980 5.8 17.6 San Ramon - Eastman Kodak D strike-slip
M-AGW Morgan Hill 1984 6.2 29.4 Agnews State Hospital D strike-slip
M-G02 Morgan Hill 1984 6.2 15.1 Gilroy Array #2 D strike-slip
M-GO03 Morgan Hill 1984 6.2 14.6 Gilroy Array #3 D strike-slip
M-GMR Morgan Hill 1984 6.2 14.0 Gilroy Array #7 D strike-slip
PHN Point Mugu 1973 5.8 25.0 Port Hueneme D  reverse-slip
BRA Westmorland 1981 5.8 22.0 5060 Brawley Airport D strike-slip
NIL Westmorland 1981 5.8 19.4 724 Niland Fire Station D strike-slip
A-CAS Whittier Narrows 1987 6.0 16.9 Compton - Castlegate St. D reverse
A-CAT Whittier Narrows 1987 6.0 28.1 Carson - Catskill Ave. D reverse
A-DWN Whittier Narrows 1987 6.0 18.3 14368 Downey - Co Maint Bldg D reverse
A-W70 Whittier Narrows 1987 6.0 16.3 LA - W 70th St. D reverse
A-WAT Whittier Narrows 1987 6.0 24.5 Carson - Water St. D reverse

Distance R marked red indicates hypocentral distance



Table D.4 Record bin SMLR (small magnitude, large distance).

Record ID Event Year M R (km) Station Soil Mechanism
B-ELC Borrego 1942 6.5 49.0 El Centro Array #9 D unknown
H-CO05 Coalinga 1983 6.4 47.3 Parkfield - Cholame 5SW D  reverse-oblique
H-C08 Coalinga 1983 64 50.7 Parkfield - Cholame 8W D  reverse-oblique
H-CC4 Imperial Valley 1979 6.5 49.3 Coachella Canal #4 D strike-slip
H-CMP Imperial Valley 1979 6.5 32.6 Compuertas D strike-slip
H-DLT Imperial Valley 1979 6.5 43.6 Delta D strike-slip
H-NIL Imperial Valley 1979 6.5 359 Niland Fire Station D strike-slip
H-PLS Imperial Valley 1979 6.5 31.7 Plaster City D strike-slip
H-VCT Imperial Valley 1979 6.5 54.1 Victoria D strike-slip
A-STP Livermore 1980 5.8 373 Tracy - Sewage Treatment Plant D strike-slip
M-CAP Morgan Hill 1984 6.2 38.1 Capitola D strike-slip
M-HCH Morgan Hill 1984 6.2 325 Hollister City Hall D strike-slip
M-SJB Morgan Hill 1984 6.2 30.3 San Juan Bautista C strike-slip
HO06 N. Palm Springs 1986 6.0 39.6 San Jacinto Valley Cemetery D strike-slip
INO N. Palm Springs 1986 6.0 39.6 Indio D strike-slip
A-BIR Whittier Narrows 1987 6.0 56.8 Downey - Birchdale D reverse
A-CTS Whittier Narrows 1987 6.0 31.3 LA - Century City CC South D reverse
A-HAR Whittier Narrows 1987 6.0 342 LB - Harbor Admin FF D reverse
A-SSE Whittier Narrows 1987 6.0 35.7 Terminal Island - S. Seaside D reverse
A-STC Whittier Narrows 1987 6.0 39.8 Northridge - Saticoy St. D reverse

Distance R marked red indicates hypocentral distance
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Table D.5 Record bin VN (Van Nuys).

Record ID Event Year M R (km) Station Soil Mechanism
plma Ngr;lrlilf’gslm 1986 6.0 9.6 Palm Springs Airport D  reverse-oblique
plmb N(ér;}rll;’gaslm 1986 6.0 9.6 Palm Spri(‘ilog; lﬁAgliEgg, reversed D  reverse-oblique
envl Northridge 1994 6.7 17.7 Encino, Ventura Blvd. #1 D reverse
env9 Northridge 1994 6.7 17.9 Encino, Ventura Blvd. #9 D reverse
nhl2 Northridge 1994 6.7 18.4 North Hollywood, Lankershim Blvd. #1 D reverse
vnsl Northridge 1994 6.7 12.8 Van Nuys, Sherman Way #1 D reverse
vnsc Northridge 1994 6.7 12.8 Van Nuys - Sherman Circle #1 D reverse
whox Northridge 1994 6.7 20.0 Woodland Hills, Oxnard Street #4 D reverse
cnpk Northridge 1994 6.7 17.7 Canoga Park, Topanga Canyon Blvd. D reverse
spva Northridge 1994 6.7 9.2 Sepulveda VA Hospital - ground D reverse
vnuy Northridge 1994 6.7 11.3 Van Nuys - 7-Story Hotel D reverse
nord Northridge 1994 6.7 9.4 Arleta, Nordhoff Fire Station D reverse
nrrl Northridge 1994 6.7 13.7 Northridge, Roscoe #1 D reverse
TOSC Northridge 1994 6.7 10.8 Sun Valley, 13248 Roscoe Blvd. D reverse
sf253 San Fernando 1971 6.6 16.3 Los Angeles, 14724 Ventura Blvd. D reverse
sf461 San Fernando 1971 6.6 16.2 Los Angeles, 15910 Ventura Blvd. D reverse
sf466 San Fernando 1971 6.6 16.4 Los Angeles, 15250 Ventura Blvd. D reverse
glen San Fernando 1971 6.6 18.8 Glendale, Muni. Bldg., 633 E. Broadway D reverse
vvnuy Whittier Narrows 1987 6.0 9.5 Van Nuys - 7-Story Hotel D reverse
athl Whittier Narrows 1987 6.0 16.6 Cal Tech, Brown Athletic Building D reverse
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Table D.6 Record bin I-880 (near-field).

Record ID Event Year M R (km) Station Soil Mechanism
cclyd Coyote Lake 1979 5.7 4.0 Coyote Lake Dam abutment C strike-slip
gil6 Coyote Lake 1979 5.7 1.2 Gilroy #6 strike-slip
temb Parkfield 1966 6.0 4.4 Temblor C strike-slip
cs05 Parkfield 1966 6.0 3.7 Array #5 D strike-slip
cs08 Parkfield 1966 6.0 8.0 Array #8 D strike-slip
fenr Livermore 1980 5.5 4.1 Fagundes Ranch D strike-slip
mgnp Livermore 1980 5.5 8.1 Morgan Territory Park C strike-slip
clyd Morgan Hill 1984 6.2 0.1 Coyote Lake Dam abutment C strike-slip
andd Morgan Hill 1984 6.2 4.5 Anderson Dam Downstream C strike-slip
hall Morgan Hill 1984 6.2 2.5 Halls Valley C strike-slip
Igpc Loma Prieta 1989 6.9 3.5 Los Gatos Presentation Center ~C  reverse-oblique
srtg Loma Prieta 1989 6.9 8.3 Saratoga Aloha Ave C  reverse-oblique
cor Loma Prieta 1989 6.9 34 Corralitos C  reverse-oblique
gav Loma Prieta 1989 6.9 9.5 Gavilan College C  reverse-oblique
gilb Loma Prieta 1989 6.9 11.0 Gilroy historic C  reverse-oblique
lex1 Loma Prieta 1989 6.9 6.3 Lexington Dam abutment C  reverse-oblique
kobj Kobe, Japan 1995 6.9 0.5 Kobe IMA C strike-slip
ttr007 Tottori, Japan 2000 6.6 10.0 Kofu C strike-slip
ttrh02 Tottori, Japan 2000 6.6 1.0 Hino C strike-slip
erzi Erzincan, Turkey 1992 6.7 1.8 Erzincan C strike-slip
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Table D.7 Record bin near (near-field).

Record ID Event Year M R (km) Station Soil Mechanism
I-ELC Imperial Valley 1940 7.0 8.3 El Centro Array #9 D strike-slip
C08 Parkfield 1966 6.1 53 Cholame #8 strike-slip
H-AEP Imperial Valley 1979 6.5 8.5 Aeropuerto Mexicali D strike-slip
H-BCR Imperial Valley 1979 6.5 2.5 Bonds Corner D strike-slip
H-CXO Imperial Valley 1979 6.5 10.6 Calexico Fire Station D strike-slip
H-ECC Imperial Valley 1979 6.5 7.6 EC County Center FF D strike-slip
H-EO05 Imperial Valley 1979 6.5 1.0 El Centro Array #5 D strike-slip
H-SHP Imperial Valley 1979 6.5 11.1 SAHOP Casa Flores D strike-slip
H-PVP Coalinga 1983 6.4 8.5 Pleasant Valley P.P. - bldg D  reverse-oblique
M-HVR Morgan Hill 1984 6.2 34 Halls Valley D strike-slip
A-JAB Whittier Narrows 1987 6.0 9.8 Bell Gardens - Jaboneria D reverse-slip
A-SOR Whittier Narrows 1987 6.0 10.5 West Covina - S. Orange Ave. D reverse-slip
GOF Loma Prieta 1989 6.9 12.7 Gilroy - Historic Bldg. D  reverse-oblique
G02 Loma Prieta 1989 6.9 12.7 Gilroy Array #2 D  reverse-oblique
JEN Northridge 1994 6.7 6.2 Jensen Filter Plant D reverse-slip
NWH Northridge 1994 6.7 7.1 Newhall - Fire Station D reverse-slip
RRS Northridge 1994 6.7 7.1 Rinaldi Receiving Station D reverse-slip
SPV Northridge 1994 6.7 8.9 Sepulveda VA D reverse-slip
SCS Northridge 1994 6.7 6.2 Sylmar - Converter Station D reverse-slip
SYL Northridge 1994 6.7 6.4 Sylmar - Olive View Med FF D reverse-slip
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