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ABSTRACT

A proposed supplement to ASCE/SEI 41 Seismic Rehabilitation of Existing
Buildings has been developed for the purpose of updating provisions related to existing
reinforced concrete buildings. Based on experimental evidence and empirical models,
the proposed supplement includes revisions to modeling parameters and acceptance
criteria for reinforced concrete beams, columns, structural walls, beam-column joints, and
slab-column frames. The revisions are expected to result in substantially more accurate
and, in most cases, more liberal assessments of the structural capacity of concrete

components in seismic retrofit projects.



INTRODUCTION

ASCE/SEI 41 (2007) is the latest in a series of documents developed to assist
engineers with the seismic assessment and rehabilitation of existing buildings (FEMA
273, 1997; FEMA 356, 2000). This series of documents provides a performance-based
engineering framework whereby deformation and force demands for different seismic
hazards are compared against deformation and force capacities for various performance
levels. When the predecessor documents were developed there were limited data
available on the performance of existing components, and reliability concepts were not
evenly applied in the development of the criteria. The resulting criteria, especially those
related to deformation capacities, tend to err on the conservative side (EERI/PEER,
2006). Anecdotal reports from practicing engineers suggest that when the criteria have
been applied to older reinforced concrete buildings, most do not pass the collapse
prevention limits set out in ASCE/SEI 41. Improvements to the criteria are needed to
promote more accurate assessments of building vulnerability and thereby reduce

unnecessary rehabilitation costs.

In an effort to utilize new information on the performance of concrete components to
improve ASCE/SEI 41 acceptance criteria, the Chair of the ASCE/SEI Seismic
Rehabilitation Standards Committee appointed an ad hoc committee to develop
recommended revisions to the ASCE/SEI 41 concrete provisions. In its work, the ad-hoc
committee aimed to incorporate the latest information from laboratory experiments on
concrete components and resulting empirical models. The committee also strove to
achieve a level of reliability in the recommended criteria that was consistent with the
intent of the ASCE/SEI 41 standard. The committee focused its attention on those criteria
that it deemed were most important to the outcome of building assessments made using
ASCE/SEI 41 and for which new data were available, avoiding other topics that would
have less impact on outcomes and lacked new experimental evidence. Proposed updates
include: effective stiffness models for beams, columns, and beam-column joints;
acceptance criteria and modeling parameters for columns, slab-column connections, and
walls; strength models for lap splices; criteria for post-tensioned slabs; and relaxed

confinement requirements for shear walls.



When the 2007 edition of ASCE/SEI 41 was published, the provisions for concrete
structures were essentially the same as those for its predecessor document FEMA 356.
When ASCE/SEI 41 adopts the recommendations summarized in this paper, also
scheduled for 2007, the resulting document will be known as ASCE/SEI 41 Supplement
1. To avoid confusion between ASCE/SEI 41 and its supplement in future readings, this
paper will refer to the existing provisions as FEMA 356. Proposed new provisions will be

referred to as “proposed” for ASCE/SEI 41 Supplement 1, or simply “proposed.”

PROPOSED MODIFICATIONS TO STIFFNESS MODELS

Effective stiffnesses should enable the engineer to estimate the building period and
the internal distribution of forces with sufficient accuracy. Elwood and Eberhard (2006)
demonstrated that FEMA 356 can significantly overestimate the stiffness for columns
with low axial loads. A major source of the discrepancy was that FEMA 356 did not
adequately account for flexibility resulting from slip of the longitudinal reinforcement

from adjacent beam-column joints or foundation elements.

Using a database of 221 reversed cyclic tests on reinforced concrete columns with
rectangular cross sections, axial loads less than 0.674,f.’, and shear span-to-depth ratios
greater than 1.4, Elwood and Eberhard (2006) showed that FEMA 356 overestimated the
effective flexural stiffness for columns with low axial loads (Figure 1). In Figure 1,
effective flexural stiffness EZ for the test data is based on a secant to the measured

response at the calculated yield force corrected for assumed shear stiffness of 0.4E4,, E =
concrete modulus (taken as 57,000/ £, , psi ), A; = gross area of column cross section, P

= column axial force, /. = concrete compressive strength, and /, = moment of inertia of

gross column cross section.

To reduce the risk of underestimating shear forces in columns sharing lateral load
with other components it is recommended that the lower-bound stiffness be taken equal
to 0.3El, (Figure 1). By inference, results of Figure 1 also can be applied to beams.
Elwood and Eberhard (2006) provide more refined methods for estimating effective

stiffness considering flexure, slip, and shear directly.
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Figure 1. Comparison of stiffness recommendations with measured flexural stiffness from
laboratory column tests. (El.y is the effective flexural stiffness, P = axial load.)
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Figure 2. Rigid end zones for beam-column joint modeling. (ZM nc,ZM . = sums of the
nominal flexural strengths of the columns and beams, respectively, at the face of the joints.)
FEMA 356 further overestimates the stiffness of reinforced concrete moment frames
by recommending that beam-column joints “be represented as a stiff or rigid zone”.
Tests demonstrate that beam-column joints can experience significant shear deformations
even prior to yielding of the longitudinal reinforcement within the joint (Walker et al.,
2007). Effects of these shear deformations can be approximated by extending the beam
or column flexibility into the joint in the analytical model (Figure 2). (Effects of
reinforcement slip from joints are accounted for in the reduced effective flexural stiffness
described in the preceding paragraph.) This modeling technique was selected due to its
simplicity, ease of implementation in current structural analysis software, and acceptable
simulation of the test data. Test results (Walker et al. 2007; Leon, 1990; Beres et al.,
1992) show that the stiffness of the joint depends on the relative flexural strengths of the

beams and columns. As shown in Figure 2a, if the sum of nominal column flexural



strengths (XM,.) is greater than 1.2 times the sum of nominal beam flexural strengths
(ZM,5), the recommended model considers the beam flexibility to extend to the joint
centerline (for normal joint dimensions) with the column modeled as rigid within the
joint. If the column-to-beam strength ratio is less than 0.8, the recommended model has
rigid beam end zones with the column flexibility extending to the joint centerline (Figure
2b). Between these limits, half of the end zones of both beam and column elements are

modeled as rigid within the joint extents (Figure 2c).
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Figure 3. Example comparison of experimental data from beam-column subassembly tests by
Walker et al. (2007) with recommended stiffness models for beams, columns, and joints.
Experimental data are envelopes of cyclic histories, and data points are cycle peaks.

Table 1. Ratio of measured to calculated stiffnesses (kyeas'kcaic) for 51 beam-column subassembly

tests.
kmeas/ kcalc
Proposed FEMA 356
Mean 1.38 2.79
Minimum 0.69 1.19
Maximum 2.50 5.10
C.O.V. 0.35 0.36

Figure 3 illustrates effective stiffnesses calculated using the FEMA 356 models and
using the models recommended here, alongside test data reported by Walker et al. (2007).



Table 1 compares the measured and calculated stiffnesses for 51 of the 57 beam-column
subassemblies from 13 test programs reported by Mitra and Lowes (2007); six tests by
Higashi and Owada (1969) were excluded because complete load-deformation histories
were not available for these tests. Measured stiffness was defined as the secant stiffness
to the load on the experimental load-deformation history corresponding to first yield of
beam longitudinal reinforcement. This yield load was determined by moment-curvature
analysis of the beams. For specimens that did not develop the yield load, the measured
stiffness was defined as the secant stiffness to the point of maximum strength. The results
indicate that the recommended stiffness models provide a much closer estimate of the
mean measured stiffness than do the FEMA 356 models. Both models, though, show

considerable dispersion.

PROPOSED REVISIONS TO DEVELOPMENT AND LAP-SPLICE
PROVISIONS

Older reinforced concrete components commonly have lap-spliced reinforcement or
developed straight or hooked bars that do not satisfy the development length
requirements in ACI 318-05. In such cases, the reinforcement may not be able to achieve
the full yield stress, thereby limiting the strength of the member. FEMA 356 accounts for

this reduction in member strength by limiting the maximum considered steel stress to:

=t (1)

d

where f; = maximum stress that can be developed in the bar for the straight development,
hook, or lap splice length /, provided; £, = nominal yield strength of reinforcement; and /,

= length required by ACI 318 (ACI, 2005).

Equation 1 neglects the intent of the ACI Code development and splice equations to
develop a bar stress greater than the nominal yield strength of reinforcement. The ACI
development length expression for /; does not contain a strength reduction factor ¢;
instead, the expression was developed to implicitly account for a reinforcement overstress
factor of approximately 1.25, that is, /; is intended to provide strength for bar stress =

1.25f,. Hence, Equation 1 is expected to underestimate the maximum steel stress achieved



by lap splices and developed bars in existing reinforced concrete components.
Laboratory tests by Melek and Wallace (2004) and Lynn et al. (1996) also demonstrate
that columns with lap splices can achieve a higher flexural strength than that calculated

using the maximum steel stress given in Equation 1.

Cho and Pincheira (2006) proposed the following expression to estimate the

maximum steel stress:

2/3
L,
= <f 2

S {O.Sld} Sy =, @
Equation 2 provides a better estimate of the mean flexural strength observed in tests. The
nonlinear relation between developed stress and development length reflects the
observation that longer lengths sustain greater slip at the loaded end prior to failure,

resulting in reduced average bond strength.

For ASCE/SEI 41 Supplement 1, the Cho and Pincheira model was modified to result
in steel stress of 1.25 times the nominal yield strength of the reinforcement for splice or

development lengths equal to or greater than /,.

LV
]‘521.25[1—1’J Sy (3)

d

In Equation 3, f; is limited to an upper-bound value of £, for force-controlled actions and
1.25 f, for deformation-controlled actions. As shown in Figure 4, the proposed steel
stress model results in 1.45 times the maximum steel stress of FEMA 356 for conditions

where /,/1; is approximately 0.6, which is fairly common in older building construction.
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Figure 4. Comparison of steel stress models for lap-splices and bar development
PROPOSED REVISIONS TO COLUMN PROVISIONS

Recent experimental work and empirical model development on older-type reinforced
concrete columns served as the basis for recommended revisions to the FEMA 356
concrete column provisions. This section describes the methodology adopted for the
modifications to the column provisions (including the categorization of columns based on
failure mode and the selection of target probabilities of failure for each failure mode), the
rational for selection of proposed modeling parameters, and the evaluation of the new
parameters using experimental results. Using the new modeling parameters, the
nonlinear acceptance criteria and m-factors were also adjusted based on the requirements

of ASCE/SEI 41, Chapter 2.

FEMA 356, Table 6-8, classifies modeling parameters for reinforced concrete

29 ¢¢

columns according to whether they are “controlled by flexure,” “controlled by inadequate
development or splicing,” or subjected to high axial loads. Columns “controlled by
shear” had zero permissible plastic deformation and were evaluated using lower-bound
material strengths. A column is further categorized as “Conforming” or “Non-
conforming” according to the following definition:

A component is conforming if, within the flexural plastic hinge
region, hoops are spaced at < d/3, and if, for components of moderate



and high ductility demand, the strength provided by the hoops (V) is at
least three-fourths of the design shear. Otherwise, the component is
considered nonconforming.

Since the development of FEMA 356, several experimental research programs (e.g.,
Sezen and Moechle, 2006; Yoshimura et al.,, 2004; Ousalem et al., 2004) have
demonstrated that many older-type columns are capable of sustaining limited plastic
deformation due to flexural yielding prior to shear failure (flexure-shear failure mode).
Furthermore, if subjected to low axial loads, such columns may be capable of sustaining
axial loads well beyond the point of apparent shear failure. Proposed revisions for

ASCE/SEI 41 Supplement 1 reflect these observations.

Table 2. Classification of columns for determination of modeling parameters

Transverse Reinforcement Details
ACI conforming Closed hoops Other (including lap
details with 135° with 90° hooks spliced transverse
hooks reinforcement)
V/(V/k) < 0.6 Condition 1 Condition i1 Condition ii
1.0>V,/(V/k) > 0.6 Condition ii Condition ii Condition iii
Vy/(Vi/k) > 1.0 Condition iii Condition iii Condition iii

Note: k represents a modifier based on ductility demand, defined in FEMA 356 and ASCE/SEI 41.

To explicitly account for the flexure-shear failure mode, the proposed provisions
require a column to be classified into one of three conditions based on the nominal shear
strength V), the plastic shear demand on the column, V), (i.e., shear demand at flexural
strength of plastic hinges), and the transverse reinforcement detailing, as shown in Table
2.  For columns with transverse reinforcement having 135° hooks, the proposed
conditions correspond approximately to the following failure modes:

o Conditioni: Flexure failure (flexural yielding without shear failure)

o Condition ii: Flexure-shear failure (shear failure following flexural yielding)

o Condition iii: Shear failure (shear failure before flexural yielding)

To provide further confidence of achieving a flexural failure, Condition 1 is limited to
columns with a transverse reinforcement ratio (4,/b,.s) greater than or equal to 0.002 and
a spacing to depth ratio less than 0.5. Based on Table 2, for V,/(V,/k) < 0.6, the
Condition is adjusted from i to ii for columns with 90° hooks or lap-spliced transverse

reinforcement to reflect the observation from experiments that poor transverse



reinforcement details can result in decreased deformation capacity. For 1.0 > V,/(V,/k) >
0.6, the Condition is adjusted from ii to iii only for lap-spiced transverse reinforcement
because the database used to evaluate the parameters for Condition ii includes columns
with transverse reinforcement having 90° hooks. (Similarly, the restriction on the
effectiveness of transverse reinforcement with 90° hooks in regions of moderate and high
ductility (Section 6.4.4 of FEMA 356) has been removed in the proposed revision for
ASCE/SEI 41 Supplement 1, but has been maintained for lap-spliced transverse

reinforcement.)

Due to dependence on many other variables, it should not be expected that the above
classification scheme will correctly predict the failure mode of a column in every case.
To reduce the likelihood of unconservatively misclassifying a column as flexure-critical
when it might actually sustain a flexure-shear failure, the upper bound on V,/(V,/k) for
condition 1 was set at 0.6, rather than 0.7 as might be inferred from the ASCE/SEI 41
shear strength model for V), (Sezen and Moehle, 2004).

For a column, ASCE/SEI 41 uses modeling parameter @ to measure the plastic
rotation at significant loss of lateral-force capacity. For the purpose of determining a
values based on test data, it was assumed that this point corresponds to the plastic rotation
at which the lateral resistance has degraded to 80% of the measured peak shear force. For
columns expected to experience flexural failures (Condition 1), such loss of lateral load
resistance can be caused by concrete crushing, bar buckling, and other flexural damage
mechanisms. For columns expected to experience shear failures, either after or before
flexural yielding (Conditions ii or iii, respectively), loss of lateral force resistance
commonly is associated with severe diagonal cracking or shear-compression failure
indicative of shear failure. Consistent with Chapter 2 of ASCE/SEI 41, modeling

parameter b measures the plastic rotation at axial-load failure.

Section 2.8 of ASCE/SEI 41 and FEMA 356 specifies that average deformation
capacities be used to define modeling parameters for undefined systems and components,
but it does not clearly state that average deformations were typically used in the
derivation of modeling parameters that are presented in the material chapters (such as

Table 6-8 for reinforced concrete columns). In fact, many of the tables for concrete



components in FEMA 356 provide deformation limits that are well below the average

deformation capacities observed in laboratory tests (EERI/PEER, 2006).

While mean or median estimates of the modeling parameters are generally desirable
to achieve the best estimate of the expected performance of a structure, it was considered
inappropriate to use mean or median estimates of the deformation capacities in the
revisions of Table 6-8 because, as will be illustrated later, considerable scatter exists in
results from concrete columns tested to lateral and axial-load failure. Instead, target
probabilities of failure were established based on judgment regarding the consequence of
each failure mode. (As a reference, a median estimate of the modeling parameter would
result in a probability of failure of 50%). Due to the potential catastrophic consequences
of axial-load failure, all b parameters (regardless of lateral-load failure mode) were
selected to achieve a probability of failure less than 15%. Due to the degradation of axial
capacity with the development of a shear-failure plane, the a values for columns that are
expected to fail in flexure-shear or shear (Conditions ii and iii, respectively) also were
selected to achieve a probability of failure less than 15%. Because columns experiencing
flexural failures are more likely to be able to maintain axial loads beyond initial loss of
lateral strength, the target probability of failure was relaxed for flexure-controlled
columns (Condition 1), with a values selected to achieve a probability of failure less than
35%. Note that the target probabilities of failure given above do not consider the
uncertainty in the ground motion or in structural analysis. On the other hand, given the
low probability of exceedance for commonly selected design ground motions, the true
probability of failure over the life of an existing building is anticipated to be significantly

lower.

An iterative process was required to satisfy the target probabilities selected above.
Modeling parameters were initially selected based on existing drift capacity models for
concrete columns and the resulting probabilities of failure were assessed using a database
of laboratory tests; then, if necessary, the modeling parameters were updated to achieve a
closer agreement with the selected failure probabilities. The final selection of modelling
parameters and the assessment of the implied probabilities of failure based on test results

are presented in Figures 5 through 9.



Figures 5 and 6 compare proposed modeling parameters a and b for Conditions i and
it with those from FEMA 356 for columns “controlled by flexure.” The proposed
modeling parameters are considerably more liberal for columns with low axial loads and
conforming transverse reinforcement, and more restrictive for many columns with high
axial loads. Note that many columns classified as Condition ii, likely would have been
considered to be “controlled by shear” when applying the FEMA 356 provisions, and
hence the proposed parameters are relatively more liberal than suggested by the

comparisons in Figure 6.
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Figure 5. Comparison of proposed modeling parameters for Condition i and FEMA 356
parameters for columns “controlled by flexure” with (a) conforming and (b) nonconforming
transverse reinforcement. Interpolation permitted between limits shown. (v = nominal shear stress
demand in psi, defined as the shear force demand divided by 0.84,; /.= concrete compressive
strength in psi; p" = A,/b,s; A= area of transverse reinforcement in the direction of applied shear;
b,= width of the column perpendicular to the applied shear; s= spacing of the transverse
reinforcement)
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Tests show that axial failure can occur suddenly after lateral failure for columns with
axial loads above 0.64,f°. (Sezen and Moehle, 2006; Bayrak and Sheikh, 1995). Based
on this observation, the @ and b parameters converge to a single value for high axial loads
(Figures 5 and 6), implying that axial failure is expected to follow rapidly after lateral-
load failure. Similarly, the proposed a and b values also converge to a single value for
columns with very light transverse reinforcement (p"<0.0005). Such columns can
experience shear failures where the primary failure plane may occur between transverse
hoops, thereby significantly limiting the shear friction capacity available to resist axial
loads after shear failure (EIwood and Moehle, 2005). Columns with very high axial loads
and light transverse reinforcement are particularly vulnerable to sudden failures when
subjected to lateral load, hence, similar to the requirement of FEMA 356, all plastic
rotation capacities are taken as zero for such columns (as indicated by the zero plastic

rotation limit above P/A4,f"~0.7 for the proposed parameters in Figures 5b, 6b, and 6d).

Results from laboratory tests compiled by Berry et al. (2004) were used to assess the
adequacy of the proposed modeling parameters and check that the target probabilities of
failure discussed above were achieved. Because plastic rotations are not commonly
reported in the literature, the measured plastic rotation capacity was taken equal to the
measured drift ratio Gy meas minus a calculated yield drift ratio. For assessment of
parameter a, the measured drift ratio was defined as the drift ratio corresponding to 20%
reduction in the maximum measured shear resistance, while for parameter b, the
measured drift ratio was defined as the drift ratio at axial failure. The modeling
parameters, either from FEMA 356 or proposed for ASCE/SEI 41 Supplement 1, were

then assessed using the following plastic rotation ratio:

0

total meas

~(M, /(3EL, I L)
0

table

where 6, 1s the plastic rotation determined from interpolation of the modeling
parameters provided in Table 6-8, M, is the plastic moment strength of the column, L is
the clear height of an equivalent cantilever column, and EZ.; is the effective stiffness of
the column estimated based on the axial load ratio. For the assessment of the FEMA 356

parameters, the recommended effective stiffness values from that document were adopted



(i.e., varying between 0.5El, and 0.7 El,); while for the assessment of the proposed

parameters, the recommended stiffness values discussed previously for columns were

adopted.
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Figure 7. Variation of plastic rotation ratio for parameter a for columns satisfying Condition i.

Figure 7 provides the results of the assessment of parameter a for columns
categorized as Condition i according to Table 2. The horizontal line at 1.0 represents the
case where test results exactly match the plastic rotation limit (either from FEMA 356, or
proposed for ASCE/SEI 41 Supplement 1). Points above the line represent tests that

exceed the limit, and points below the line represent tests that do not reach the limit.

The large scatter in both the proposed and the FEMA 356 values is readily apparent
in Figure 7. The proposed a values, however, generally provide a less conservative
estimate of the plastic rotation at 20% loss in lateral force resistance. Assuming a
lognormal distribution for the plastic rotation ratio, the probabilities of failure for the
FEMA 356 and proposed values are 6% and 30%, respectively. While the FEMA 356
data points are generally very conservative, the results in Figure 7 indicate that as the
axial load increases the FEMA 356 limits become less conservative, an undesirable trend
considering the potentially higher consequences of failure for columns with high axial

load. This trend appears to be corrected in the results for the proposed values. Note that



Figure 7 includes many columns that may not be considered typical of older reinforced
concrete buildings (i.e., they include modern seismic detailing). If a smaller subset
representative of older reinforced concrete buildings is considered, similar probabilities
of failure are attained. While the probability of failure for the proposed values satisfies
the target limit of 35% discussed previously, it is emphasized that this level of safety may
not be appropriate for the design of new buildings where further conservatism is

warranted given the limited incremental cost of achieving higher drift capacities.
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Figure 8. Variation of plastic rotation ratio for parameter a for columns satisfying Condition ii.

Figure 8 provides the results for the assessment of parameter a for columns satisfying
Condition ii. The results indicate that the proposed values for parameter a are
considerably more accurate than those provided by FEMA 356, while still providing
sufficient conservatism. The associated probabilities of failure are 6% for the proposed
values and 0.1% for the FEMA 356 values. Because the probability of failure for the
proposed values is less than the target probability of 15%, it may be assumed that the
proposed values could be further relaxed; however, constraints on the value of parameter
a for Condition ii (i.e., it must be less than parameter b, and less than parameter a for
Condition 1) resulted in the higher degree of conservatism. Because several columns

classified as Condition i1 according to Table 1 may be considered as ‘“controlled by



shear” according to FEMA 356, the FEMA 356 procedure actually is more conservative
than implied by the results presented in Figure 8.

For columns expected to experience shear failure prior to flexural yielding (Condition
ii1), the deformation at shear failure is given by the effective stiffness of the component
and the shear strength of the column. Significant plastic deformations cannot be relied
upon prior to shear failure; hence, parameter @ has been set to zero. This assumption is
very conservative for some columns because the classification method according to Table
1 may result in some flexure-shear columns being classified as Condition iii and most

will have some limited plastic rotation capacity prior to shear failure.
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Figure 9. Variation of plastic rotation ratio for parameter b for columns sustaining axial failures.

Limited data exist for the assessment of axial failure. A database of 28 columns
experiencing flexure-shear failures is used in Figure 9 to assess the proposed parameter b
values for Condition ii. The results suggest probabilities of failure of 13% for the
proposed values and 7% for the FEMA 356 values. Note that the proposed values
increase the conservatism for the sole data point with very high axial load. This was
considered desirable due to the likelihood for cascading failures when such high axial
loads are redistributed to neighboring elements. Again, it is noted that the FEMA 356

procedure is more conservative than implied by the results presented in Figure 9 because



several of the columns used for this assessment would be considered as “controlled by

shear” according to FEMA 356.

Insufficient data exist to assess the probability of failure for parameter b for
Conditions 1, iii, and iv (i.e., controlled by development or splicing); however, limited
test data suggest that the drift ratios for such columns will be greater than those for
flexure-shear columns (Melek and Wallace, 2004; Yoshimura et al., 2004), and, hence,

the b values for Condition ii are conservatively recommended for all conditions.

PROPOSED REVISIONS TO SLAB-COLUMN FRAME PROVISIONS

Modifications are proposed for slab-column frames, including guidance on modeling
approaches, updated modeling parameters, and updated acceptance values for reinforced
concrete and post-tensioned slab-column connections considering potential punching

shear failures.

Stiffness Modeling:

Various approaches can be used to model the load-deformation response of slab-
column frames. In the proposed update to the ASCE/SEI 41 supplement, guidance is
provided on how to use the effective beam width model for linear and post-yield

behavior. In the effective beam width model,

the column is modeled directly and the slab is ’—\

. . . bay width, /,
modeled using a slab-beam having width that i
is a fraction of the actual slab width (Figure N— \

10). The reduced width recognizes that the  (a) Actual behavior of slab-column connection

slab is not uniformly flexed across the

transverse width /, but instead has decreasing frective

participation with increasing transverse width, a1,

distance from the column (Figure 10a). Rather

than attempt to model this complex behavior (b) Effective beam width model

directly, a b ffecti idth 1to al, 1
frectly, a beam etiective Wicth equat to a2 15 Figure 10. Effective beam width model

defined that reproduces the actual slab-



column connection stiffness. For a three-dimensional system, slab-beams would frame

into all four sides of an interior column.

The flexural rigidity of the effective width beam can be written as

al,i’
Ec]e_[?"ective = E¢ﬂ|: 122 :| (4)

where E. is the concrete modulus of elasticity, Zogecive 1 the effective moment of inertia, o
is the effective width factor, /; is the length of span in the direction perpendicular to the
direction under consideration (as defined in Chapter 13 of ACI 318-05), and # is the slab
thickness. The term in brackets defines the gross-section moment of inertia for the
effective beam width a/,. An additional factor £ is introduced to account for effects of

slab cracking.
The proposal for effective beam width is [Hwang and Moehle, 2000]

al, =2c,+1,/3 (Interior frames, including the exterior connections thereof)

()

al,=c, +1,/6  (Exterior frames loaded parallel to the edge)
in which ¢; is the column dimension parallel to the span and /; is the center to center span
length in the direction under consideration (see ACI 318-05, Chapter 2, Notation and
Definitions). The effective width given by Equation 5 is applicable for slab-column frame
models in which the slab-beam is modeled as rigid along the depth of the column (that is,
the joint). Typical values for « for interior frames vary between 1/2 to 3/4 for reinforced
concrete construction and 1/2 to 2/3 for post-tensioned construction. Values for exterior

frames transferring load parallel to the edge are about half those for interior connections.

The stiffness reduction due to slab cracking depends on a number of factors including
construction, service, and earthquake loads, as well as the degree of post-tensioning.
Typical recommended values for S vary between 1/3 to 1/2 for reinforced concrete

construction and 1/3 to 1 for post-tensioned construction (Allen and Darvall, 1977;
Vanderbilt and Corley, 1983; Grossman, 1997; FEMA 274, 1997; Hwang and Moehle,
2000; Kang and Wallace, 2005). For non-prestressed construction, the proposed



commentary of ASCE/SEI 41 Supplement 1 recommends the following equation from

Hwang and Moehle (2000):

P=dc/l 21/3 (6)

For prestressed slabs, a larger value of £ is appropriate because of reduced cracking due
to prestressing. Following the work of Kang and Wallace (2005), = - is recommended
in the proposed commentary of ASCE/SEI 41 Supplement 1.

Figure 11 shows the normalized effective stiffness (E.lefecive from Equation 4 divided
by E.L,h*/12) for interior connections calculated using Equations 5 and 6 for a range of
span ratios /»//; along with typical ranges recommended in the literature for PT and RC
connections. Effective stiffnesses for exterior connections can be estimated as half of the

values shown in Figure 11.
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Figure 11. Effective stiffness factors for interior slab-column frames based on Equations 5 and 6.
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Modeling Nonlinear Response:

Unlike a beam-column frame for which beams and columns frame directly into one
another, in a slab-column frame the connection occurs “around” the connection, and this
can lead to complications in modeling behavior. One way to model the connection is by
addition of a zero-length torsional member that connects the column to adjacent slab-
beams (Figure 12). In this model, the column and slab-beam are modeled as described
above, but with concentrated hinges at the member ends to represent the moment
strengths of the columns and slab-beams. The torsion member is rigid until the
connection strength is reached, after which nonlinear rotation is represented. An
advantage of this model is that it enables the “unbalanced” moment (M,,,) transferred

from the slab to the column to be tracked directly during the analysis (Figure 13).

To accurately model the response of slab-column frames the total drift should be
monitored until the drift exceeds the limits shown in Figure 14. Although such a model
has been proposed (Kang et al., 2006), most analysis software packages do not currently
have this capability; hence an alternate model is proposed here. In this simpler model
any plastic deformations for the slab and slab-column connection are lumped into the
torsional connection element shown in Figure 12. The strength of the torsional

connection element is given by:



M, ., =min{M  +M_ M, |y M, /y,} (7)

n,con n,cs n,cs?
M’ M iti i
where M, .. and M, . are the positive and negative moment strengths of the column

strip determined based on the slab reinforcement within the column strip, M, is the
moment transferred in flexure and M, is the moment transferred by eccentric shear
according to ACI 318-05 Chapter 21 (except My is based on a transfer width of c,+5h as
per ASCE/SEI 41). If continuity steel is not provided and the gravity shear ratio exceeds
0.6, the connection is considered force controlled and no plastic rotations are allowed in
the torsional connection element. All other connections are classified as deformation-
controlled, and the modeling parameters for the torsional connection element are defined

in the following paragraphs.

Nonlinear modeling parameters of slab-column frames proposed for ASCE/SEI 41
Supplement 1 are based primarily on test data for interior connections. Figure 14, where
the drift ratio at punching failure is plotted for a given gravity shear ratio, summarizes
these data. Because lateral drift ratio typically is reported for test data, plastic rotations
were derived from the test data assuming yield rotations of 0.01 and 0.015 radians for
reinforced concrete and post-tensioned slabs, respectively. The larger rotation value for
post-tensioned connections reflects the larger span-to-slab thickness ratios common for
this type of construction. Continuity reinforcement for reinforced concrete connections is

based on ACI-ASCE Committee 352 recommendations (ACI 352, 2002).
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Figure 14. Modeling parameter a for (a) RC and (b) post-tensioned slab-column connections.
(1% and 1.5% drift ratio at yield assumed for RC and PT connections, respectively)

For connections with continuity reinforcement, proposed a-values for modeling
parameters are defined as approximate mean test values. Because of the higher potential

for collapse of connections without continuity reinforcement, proposed a-values for



connections without continuity reinforcement are defined as approximate mean minus
one standard deviation test values. Mean minus one standard deviation values give total
(i.e., yield plus plastic) rotation values that are close to the maximum drift values allowed
by ACI 318-05 for slabs without slab-shear reinforcement (Figure 14). Few data exist for
reinforced concrete connections subjected to gravity shear ratios greater than 0.6 and for
post-tensioned connections subjected to reversed cyclic loading. The residual strength
capacity for post-tensioned connections is based on test results reported by Qaisrani
(1993). Although relatively few tests have been reported for edge connections, the limited
data available suggest that the relationship between rotation and gravity shear ratio for
exterior connections is similar to the trend for interior connections (Kang and Wallace,

2006).

Consistent with Chapter 2 of ASCE/SEI 41, the b values for slab-column connections
were selected to represent plastic rotations at the loss of gravity load support. For slab-
column connections with no continuity steel, gravity load support is lost when punching
occurs, hence parameter b is set equal to parameter a for reinforced concrete and post-
tensioned concrete connections. Very limited data are available to determine appropriate
b values for slab-column connections with continuity steel, hence, values less than or

equal to the limits in FEMA 356 are proposed.

PROPOSED REVISIONS TO WALL PROVISIONS

The main goal of proposed changes to wall provisions of ASCE/SEI 41 (Section 6.7)
was to update the modeling and acceptance parameters for walls to make them more
consistent with observed behavior (EERI/PEER, 2006). Although the terms slender and
squat wall are not explicitly defined in Section 6.7 of ASCE/SEI 41, it is stated in Section
C6.7.1 of the commentary that walls should be considered slender (normally controlled
by flexure) if their aspect ratio (height/length) is greater than 3.0, and short or squat
(normally controlled by shear) if their aspect ratio is less than 1.5. Changes introduced in
the supplement include the addition of a load-deformation relationship for shear-
dominated walls, changes in performance and acceptance criteria for slender and squat
walls, changes in performance and acceptance criteria for columns under discontinuous

walls, and changes in the shear strength model for walls.
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Figure 15. Load-deformation relationship for members controlled by shear

Load deformation relationship for shear-dominated walls

A tri-linear backbone relationship was introduced in the supplement for the case of
walls controlled by shear. The tri-linear backbone shape (Figure 15) differs from the
general backbone descriptions included in Chapter 2 of FEMA 356 and is intended to
provide a better representation of behavior in low-rise walls for which shear deformations
are not negligible compared with flexural deformations. The proposed relationship is
based on a model in which the total deflection is calculated as the sum of contributions
related to flexure, shear, and slip of the reinforcement (Sozen and Moehle, 1993). The

shear at inclined cracking corresponds to the shear at which nominal principal tension
stress reaches 4,/f.", psi (Sozen and Moehle, 1993). The deformations corresponding to

onset of yield and the onset lateral strength degradation are based on limited test data

(e.g., Hidalgo et al., 2002, Hirosawa, 1975).
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Figure 16. Load-deformation response for slender wall tested by Orakcal and Wallace (2006)
with P = 0.07 f.” 4,, shear span-to-depth ratio of approximately 3, and an average shear stress of

2.2/ f." (in psi). Backbone curves shown correspond to walls with P <0.10f,'4, and average

shear stress of 4,/ f.", psi. (C = “Confined” boundary, NC = “Not Confined” boundary according
to FEMA 356)

Modeling and acceptance criteria

It was proposed that modeling and acceptance criteria for columns under
discontinuous walls be removed from Section 6.7 of ASCE/SEI 41. It was the opinion of
the committee that the revised modeling and acceptance criteria proposed for Section 6.4
(presented previously in this paper) adequately reflected the behavior of columns under
discontinuous walls, and that any direct reference to acceptance or modeling criteria for

these members in Section 6.7 would be superfluous.

Several changes were proposed to the modeling and acceptance criteria for walls
controlled by flexure. Values for parameters a and b specified in Tables 6.18 and 6.20
were found to be very conservative (EERI/PEER, 2006) compared with experimental

results of walls subjected to intermediate levels of shear stress (between 3,/ f. and
5 f.', psi) . Rather than change the parameters in the tables, the limiting average shear

stress was increased from 3,/f' to 4,/f.', psi to obtain a better match with

experimental results.



Experimental results (EERI/PEER, 2006) show that behavior of walls not fully
conforming to ACI 318 is adequately represented by modeling and acceptance criteria for
conforming elements in Tables 6.18 and 6.20 (an example is shown in Figure 16).
Consequently, for the purpose of evaluating the behavior of walls the proposed definition
of a confined boundary was changed from that having transverse reinforcement
conforming to ACI 318-05 to include boundary elements in which the amount of
transverse reinforcement exceeds 75% of that required in ACI 318-05, and spacing of
transverse reinforcement does not exceed 8d,. In the proposed changes it also is
permitted to take modeling parameters and acceptance criteria as 80% of confined values
where boundary elements have at least 50% of the requirements given in ACI 318, and
spacing of transverse reinforcement does not exceed 8d,. Otherwise, boundary elements

must be considered not confined.

Changes to acceptance and modeling criteria for walls controlled by shear also were
proposed to reflect experimental results (Hidalgo et al., 2002, Wallace et al., 2006,
EERI/PEER, 2006). While FEMA 356 had only one category encompassing all walls
regardless of axial load, proposed changes to Table 6.19 subdivide shear-controlled walls
into two categories; one for walls with low axial loads (e.g., Figure 17) and another for
walls with significant axial load demands (e.g., Figure 18). This change is based on tests
of pier walls carried out by Wallace et al. (2006) (e.g., Figure 18) that showed reduced
deformation capacity for axial loads equal to or greater than 0.05 f.” 4, (Wallace et al.,
2006). The same tests showed negligible residual strength for walls with axial load
greater than 0.05 f.’ A,, leading to additional proposed changes. Based on the tests by
Wallace et al. (2006) it was proposed that the residual strength coefficient for walls with
axial loads below 0.05 f.” 4, be reduced from the value of 0.4 specified in FEMA 356 for
all walls controlled by shear to 0.2. Although experimental evidence substantiates a
residual strength coefficient of 0.4 for well-detailed squat walls with zero axial load, the
tests by Wallace et al. indicate that the residual strength may be significantly lower for
axial loads near 0.05 f.” 4, and for walls with poor detailing. Finally, it was proposed
that numerical acceptance criteria in Table 6-21 be adjusted so that m-factors for primary
and secondary components are more consistent with the definitions of life safety and

collapse prevention in Chapter 2.
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Figure 17. Load-displacement response for wall specimen WH1a-1-0 by Wallace et al. (2006).
The wall had shear span-to-depth ratio of 1, p, = 0.25% p, = 0.35%, and no axial load (p, =
vertical reinforcement ratio; p, = horizontal reinforcement ratio). The FEMA 356 curve is
calculated disregarding the ACI provision that requires two curtains of reinforcement. Nominal
strengths for the FEMA 356 and proposed curves were calculated using ACI 318-05 strength
equations with measured material strengths.
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Figure 18. Load-displacement response for pier wall specimen WP1b-1-05 tested by Wallace et
al. (2006). The wall had an axial load P = 0.05f.’4,, a shear span-to-depth ratio of 0.44, p, =
0.25%, and p, = 0.35% The FEMA 356 curve is calculated disregarding the ACI provision that
requires two curtains of reinforcement. Nominal strengths for the FEMA 356 and proposed
curves were calculated using ACI 318-05 strength equations with measured material strengths.
The reinforcement ratio was assumed to be 0.15% (FEMA 356 minimum) in the calculations for
strength due to inadequate anchorage of horizontal reinforcement.
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Figure 19. Ratio of measured to calculated strength according to ACI 318-05 for walls with one
or two curtains of reinforcement. The minimum of the horizontal and vertical transverse
reinforcement ratio (p = min(py,p,)) was used in the plot.

Calculated Strength

Two changes were proposed for calculation of wall strength. ACI 318-05 seismic

provisions require two curtains of reinforcement in walls having shear demand exceeding

2\/f.", psi. The requirements in ACI 318-05 indicate that for walls in which 4,//,, does

not exceed 2.0 the vertical reinforcement ratio shall not be less than the horizontal
reinforcement ratio. For that reason, when plotting experimental results and calculating
nominal shear strength for squat walls, the lower of the two ratios was used. Figure 19
shows the ratio of measured to calculated strength (using ACI 318-05) vs. the lower of
the vertical or horizontal reinforcement ratio for walls tested by various researchers
(Barda et al., 1977; Cardenas et al., 1980; Hidalgo et al., 2002; Hirosawa, 1975;
EERI/PEER, 2006). Two vertical lines are shown in Figure 19 corresponding to values of

( pf, )MIN of 0.09 and 0.15 ksi, where p = min(py, py). The value of 0.09 is the minimum

amount of reinforcement specified in FEMA 356 (0.15%) when they yield strength of the
reinforcement is 60 ksi, while the value of 0.15 corresponds to the minimum amount of
transverse reinforcement specified in Chapter 21 of ACI 318-05 (0.25%) also with a yield
strength of 60 ksi. Consequently, points located to the right of the aforementioned

vertical lines correspond approximately to walls that met the requirements for minimum



amount of transverse reinforcement in FEMA 356 and ACI 318-05, respectively, and
points to the left of the lines correspond to walls that did not. The test data shows that the
ratio of measured to calculated shear strength (using ACI 318-05) was similar for walls
with one and two curtains of reinforcement (Figure 19), even in cases when the
requirement for the minimum amount of reinforcement was not met. Based on this result
it is proposed to allow ACI 318 strength provisions to be applied even if the two-curtain

requirement of ACI 318-05 is violated.

The second proposed change is to permit the use of expected material properties for
calculation of wall shear strength. Section 6.7.2.3 of FEMA 356 required the use of the
specified yield strength of the reinforcement for all shear strength calculations. Although
shear failures are commonly considered to be non-ductile failures, modeling parameters
and performance criteria in Tables 6-18 through 6-21 define the load-deformation
response of walls as deformation-controlled, with a stable deformation plateau beyond
yielding of the transverse or flexural reinforcement. Because there is no sudden loss in
resistance after yielding of the flexural or transverse reinforcement in the backbone
curves, it was concluded that there was no technical justification for calculating the
strength of these members in a manner different from other deformation-controlled

members.
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Figure 20. Comparison of FEMA 356 and proposed ASCE/SEI 41 Supplement 1 backbone
relations



PROPOSED REVISIONS FOR ALTERNATIVE MODELING PARAMETERS
AND ACCEPTANCE CRITERIA

The committee also proposed changes to ASCE/SEI 41 Section 2.8, which specifies
how to use testing to determine backbone relations “for elements, components, systems,
and materials for which structural modeling parameters and acceptance criteria are not
provided....” To provide greater flexibility in the application of the standard, it is
recommended to broaden this statement to allow the use of testing for cases where
information is provided in ASCE/SEI 41 Supplement 1, but more building-specific
information might be desired. The derivation of backbone relations from test results was
also redefined. As shown in Figure 20 for a lightly-reinforced wall segment, application
of FEMA 356, which defined the backbone curve through the intersection of the first
cycle for the i™ deformation step and second cycle at the (i-1)"™ deformation step,
produces backbone relations that exaggerate the rate of strength degradation (similar
results have been observed for other components and materials). This exaggerated rate
can result in an over-estimation of earthquake deformation demands when used in
conjunction with commonly accepted analysis procedures (e.g., FEMA 440 [2005]). It is
proposed that the backbone curves be drawn through each point of peak displacement
during the first cycle of each increment of loading (or deformation), as shown in Figure

20.

PROPOSED REVISIONS TO GENERAL ACCEPTANCE CRITERIA
PROVISIONS

While the development of proposals for ASCE/SEI 41 Supplement 1 focused on
reinforced concrete behavior (Chapter 6), substantive changes in concrete acceptance
criteria revealed the need to revise and clarify the general description of acceptance
criteria in Chapter 2. This was needed to provide greater transparency in the actual
design intent of the provisions of ASCE/SEI 41, and to help maintain consistency

between different material chapters in the event of future revisions to acceptance criteria.

In FEMA 356, a component action is classified as force-controlled when its behavior

consists of elastic response, with or without limited plastic deformation, followed by a



sudden, brittle-type failure with negligible residual lateral strength. The classification of
all such actions as force-controlled can be overly conservative. For example, it prevents
the consideration of secondary components that lose lateral-force resistance in a brittle
manner, but still retain the ability to support gravity loads. Reinforced concrete columns
with low axial loads are an example of this type of component in which gravity loads can
be sustained at plastic rotations well beyond the onset of shear failure (see previous
discussion). Allowance for this type of behavior required modification of the definition
of acceptance criteria including changes to Figure 2-3 of FEMA 356, as shown in Figure
21. The proposed acceptance criteria are modified to include a potential plastic
deformation capacity beyond point 3, up to point 4, and the possibility of component

actions with Type 2 (d<2g) or Type 3 behavior to be classified as deformation-controlled.
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Figure 21. Revised component force-deformation curves proposed for ASCE/SEI 41
Supplement 1.

CONCLUSIONS

Justification for proposed modifications to ASCE/SEI 41 modeling provisions and
acceptance criteria for concrete components is presented. Based on experimental
evidence, most of the acceptance criteria have been liberalized, allowing users to develop
more cost-effective retrofit solutions while still providing confidence in achieving the
specified performance objective. For example: for columns that typically govern the
deformation capacity of older reinforced concrete buildings the plastic rotation capacity
has increased by at least 50% depending on axial load and transverse reinforcement

details; for lap splices typical of older concrete buildings the proposed criteria allow a



steel stress that is approximately 45% higher than that allowed in FEMA 356; for slab-
column connections with continuity steel, the proposed provisions increase the allowable
drift ratios by up to 0.02 radians depending on the gravity shear ratio; for shear-controlled

walls with low axial load, the proposed provisions increase the CP allowable drift by

33%.

Where justified by experimental evidence, some acceptance criteria and modeling
parameters have been tightened. For example, full-scale laboratory tests on columns with
high axial loads and very light transverse reinforcement have shown that axial failure can
occur rapidly after shear failure, and the proposed provisions do not allow any plastic

rotations, regardless of the performance level.

Revision and clarification of the general description of acceptance criteria in Chapter
2 of ASCE/SEI 41 will permit consideration of secondary components that lose lateral-
force resistance in a brittle manner, but still retain the ability to support gravity loads.
This will also help maintain consistency between different material chapters in the event

of future revisions to acceptance criteria for steel, masonry and wood components.

Further studies on the concrete provisions of ASCE/SEI 41 should include refinement

of the modeling parameters and acceptance criteria for beam-column joints and beams.
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APPENDIX A: PROPOSED REVISIONS TO ASCE/SEI 41 CHAPTER 2
2.4.4.3 Deformation-Controlled and Force-Controlled Actions

All actions shall be classified as either deformation-controlled or force-controlled using
the component force versus deformation curves shown in Figure 2-3.

Nonlinear acceptance criteria and m-factors for deformation-controlled actions are
defined in Chapters 4 through 8 of this standard. In cases where these values are not
specified in the standard, component testing may be carried out in accordance to Section
2.8 to determine them. If m-factors and nonlinear acceptance criteria are not specified in
the standard and component testing in accordance to Section 2.8 is not carried out,
actions shall be considered to be force-controlled.

The Type 1 curve depicted in Figure 2-3 is representative of ductile behavior where there
is an elastic range (points 0 to 1 on the curve) fellewed-byand a plastic range (points 1 to
3). followed by loss of lateral-force-resisting capacity at point 3 and loss of vertical-

force-resisting capacity at point 4.with-nen-negligible residual strength-and-abilityte
suppertgravityloadsatpeint3- The plastic range can have either a positive or negative

post-elastic slope (points 1 to 2) and a strength-degraded region with non-negligible
res1dua1 strength to res1st lateral and gravrw loads (pomts 2to 3) %Ehepl-asﬂ%&nge

f&ﬂgeépemts—}te%} Prlmary component actlons exhlbltlng thls behav1or shall be
classified as deformation-controlled if the strain-hardening-or-strain-sefteningplastic
range is such that d > 2g; otherwise, they shall be classified as force-controlled.
Secondary component actions exhibiting Fype3-this behavior shall be classified as
deformation-controlled for any d/g ratio.

The Type 2 curve depicted in Figure 2-3 is representative of ductile behavior where there
is an elastic range (points 0 to 1 on the curve) and a plastic range (points 1 to-23). The
plastic range can have either a positive or negative post-elastic slope (points 1 to 3)
followed by substantial loss of lateral-force-resisting capacity at point 3. Loss of vertical-
force- re51st1ng capac1tv takes place at the defonnatlon associated with point 4.strength

: : — Primary and-secondary
component actions exhlbltmg thls %yp%ef—behawor shall be classified as deformation-
controlled if the plastic range is such that e > 2g; otherwise, they shall be classified as
force-controlled. Secondary component actions exhibiting this behavior shall be
classified as deformation-controlled if /> 2g; otherwise, they shall be classified as force-

controlled.

The Type 3 curve depicted in Figure 2-3 is representative of a brittle or nonductile
behavior where there is an elastic range (points 0 to 1 on the curve) followed by loss of
lateral-force-resisting capacity at point 3 and loss of vertical-force-resisting capacity at

the deformation associated with point 4. strength-andloss-ef-ability-to-suppert-gravity

loads-beyond-peint+. Primary and-seeondary-component actions exhibiting this
displayingFype3-behavior shall be classified as force-controlled._Secondary component




actions exhibiting this behavior shall be classified as deformation-controlled if f>2g;
otherwise, they shall be classified as force-controlled.

C2.4.4.3 Deformation-Controlled and Force-Controlled Actions

Deformation-controlled actions may not be designated as such based on the discretion of
the engineer. Deformation-controlled actions are defined in this standard by the
designation of m-factors or nonlinear deformation capacities in Chapters 4 through 8, or
alternatively, must be validated through testing in accordance with Section 2.8.

Acceptance criteria for primary components that exhibit Type 1_or Type 2 behavior
typically are within the elastic or plastic ranges between points 0 and 2, depending on the
performance level. Acceptance criteria for secondary components that exhibit Type 1_or
Type 2 behavior can be within any of the performance ranges.

Acceptance criteria for primary and-seeendary-components exhibiting Type 3 behavior
will always be within the elastic range._Acceptance criteria for secondary components

exhibiting Type 3 behavior can be within any of the performance ranges.

Table C2-1 provides some examples of possible deformation- and force-controlled
actions in common framing systems. Classification of deformation- or force-controlled
actions are specified for foundation and framing components in Chapters 4 through 8.

A given component may have a combination of both deformation- and force-controlled
actions.

In Figure 2-3, point 4 is defined by the nonlinear modeling parameters in Chapters 4
through 8,where c is equal to zero and b is greater than a (or e is greater than d).
Alternatively, point 4 may be defined based on component testing in accordance with
Section 2.8 of this standard. Loss of component vertical-force-resisting capacity occurs
at Point F, which coincides with Point 4.

Figure C2-1 shows the generalized force versus deformation curves used throughout this
standard to specify component modeling and acceptance criteria for deformation-
controlled actions in any of the four basic material types. Linear response is depicted
between point 4 (unloaded component) and an effective yield point B. The slope from
point B to point C is typically a small percentage (0-10%) of the elastic slope, and is



included to represent phenomena such as strain hardening. Point C has an ordinate that
represents the strength of the component, and an abscissa value equal to the deformation
at which significant lateral strength degradation begins (line CD). Beyond point D, the
component responds with substantially reduced lateral strength to point E. At
deformations greater than point £, the component lateral strength is essentially zero._The
vertical-force-resisting capacity is maintained until point F. Deformations beyond point
F should not be permitted unless there is an alternate load path for the gravity actions
supported by that component.

The sharp transition as shown on idealized curves in Figure C2-1 between points C and D
can result in computational difficulty and an inability to converge where used as
modeling input in nonlinear computerized analysis software. In order to avoid this
computational instability, a small slope (10 vertical to 1 horizontal) may be provided to
the segment of these curves between points C and D.

For some components it is convenient to prescribe acceptance criteria in terms of
deformation (such as @ or A), while for others it is more convenient to give criteria in
terms of deformation ratios. To accommodate this, two types of idealized force vs.
deformation curves are used in Figures C2-1 (a) and (b). Figure C2-1(a) shows
normalized force (Q/Q,) versus deformation (6 or A) and the parameters a, b, and c.
Figure C2-1(b) shows normalized force (Q/0,) versus deformation ratio (6/6y, A/Ay, or
A/h) and the parameters d, e, and c. Elastic stiffnesses and values for the parameters a, b,
¢, d, and e that can be used for modeling components are given in Chapters 5 through 8.
Acceptance criteria for deformation or deformation ratios for primary components (P)
and secondary components (S) corresponding to the target Building Performance Levels
of Collapse Prevention (CP), Life Safety (LS), and Immediate Occupancy (10) as shown
in Figure 2-1(c) are given in Chapters 5 through 8.

Q.H 5 QJL 23 Q]L

1 1,2,3
Q

— —t———— 4
0 efA 0 [ d e fFA 0 ad e FoA
Type 1 curve Type 2 curve Type 3 curve

Notes:
1.0nly secondary component actions permitted between points 2 and 4;
2.The force, Q, after point 3 diminishes to approximately zero.

Figure 2-3 Component Force Versus Deformation Curves



2.8 Alternative Modeling Parameters and Acceptance Criteria

For elements, components, systems, and materials for which structural modeling
parameters and acceptance criteria are not provided in this standard, or for cases where
such information is provided but more building specific information is desired, it shall be
permitted to derive the required parameters and acceptance criteria using the
experimentally obtained cyclic response characteristics of the subassembly, determined in
accordance with this section. Approved independent review of this process shall be
conducted.

2.8.1 Experimental Setup

Where relevant data on the inelastic force-deformation behavior for a structural
subassembly are not available, or more relevant data are needed for a building specific
condition, such data shall be obtained from experiments consisting of physical tests of
representative subassemblies as specified in this section. Each subassembly shall be an
identifiable portion of the structural element or component, the stiffness of which is
required to be modeled as part of the structural analysis process. The objective of the
experiment shall be to estimate the lateral-force-displacement relationships (stiffness) for
the subassemblies at different loading increments, together with the strength and
deformation capacities for the desired Structural Performance Levels. These properties
shall be used in developing an analytical model of the structure to calculate its response
to earthquake ground shaking and other hazards, and in developing acceptance criteria for
strength and deformations. The limiting strength and deformation capacities shall be
determined from the experimental program using the average values of a minimum of
three tests performed for the same design configuration and test conditions.

The experimental setup shall replicate the construction details, support and boundary
conditions, and loading conditions expected in the building. The loading shall consist of
fully reversed cyclic loading at increasing displacement levels with the number of cycles
and displacement levels based on expected response of the structure to the design
earthquake. Increments shall be continued until the subassembly exhibits complete
failure, characterized by the loss of lateral- and vertical-load resistance.

2.8.2 Data Reduction and Reporting

A report shall be prepared for each experiment. The report shall include the following:

1. Description of the subassembly being tested.

2. Description of the experimental setup, including:

2.1.  Details on fabrication of the subassembly,

2.2.  Location and date of testing,



2.8.3

2.3.  Description of instrumentation employed,

2.4. Name of the person in responsible charge of the test, and

2.5.  Photographs of the specimen, taken prior to testing.

Description of the loading protocol employed, including:

3.1.  Increment of loading (or deformation) applied,

3.2.  Rate of loading application, and

3.3.  Duration of loading at each stage.

Description, including photographic documentation, and limiting deformation value
for all important behavior states observed during the test, including the following,
as applicable:

4.1.  FElastic range with effective stiffness reported,

4.2.  Plastic range,

4.3.  Onset of visible damage,

4.4. Loss of lateral-force-resisting capacity,

4.5.  Loss of vertical-force-resisting capacity,

4.6.  Force-deformation plot for the subassembly (noting the various behavior
states), and

4.7.  Description of limiting behavior states defined as the onset of specific
damage mode, change in stiffness or behavior (such as initiation of cracking

or yielding) and failure modes.

Design Parameters and Acceptance Criteria

The following procedure shall be followed to develop structural modeling parameters and
acceptance criteria for subassemblies based on experimental data.

| 1.

An idealized lateral-force-deformation pushover curve shall be developed from the
experimental data for each experiment and for each direction of loading with unique
behavior. The curve shall be plotted in a single quadrant (positive force versus
positive deformation, or negative force versus negative deformation). In cases
where deformation components (e.g., flexure, shear) are modeled separately, test
instrumentation must be provided to enable force-deformation curves for each




deformation component to be derived from the overall test force-deformation

relations. The curves shall be constructed as follows:

1.1.

1.2.

1.3.

The appropriate quadrant of data shall be taken from the lateral-force-
deformation plot from the experimental report.

A smooth "backbone" curve shall be drawn through each point of peak
displacement during the first cycle of each increment of loading (or
deformation)the intersection of the tirst cyele curve for the (Hth deformation

b vl ¢ the-(it)th-def . foralli
steps, as indicated in Figure 2-4.

The backbone curve so derived shall be approximated by a series of linear
segments, drawn to form a multi-segmented curve conforming to one of the
types indicated in Figure 2-3.

The multilinear curves derived for all experiments involving the subassembly
shall be compared and an average multilinear representation of the subassembly
behavior shall be derived based on these curves. Each segment of the composite
curve shall be assigned the average stiffness (either positive or negative) of the
similar segments in the multilinear curves for the various experiments. Each
segment on the composite curve shall terminate at the average of the deformation
levels at which the similar segments of the multilinear curves for the various
experiments terminate.

The stiffness of the subassembly for use in linear procedures shall be taken as the
slope of the first segment of the composite curve. The composite multilinear force-
deformation curve shall be used for modeling in nonlinear procedures.

For the purpose of determining acceptance criteria, subassembly actions shall be
classified as being either force-controlled or deformation-controlled. Subassembly
actions shall be classified as force-controlled unless any of th